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CHAPTER I 

INTRODUCTION 

This thesis presents the development of tornado resistant 

design of industrial and corrmercial buildings that utilize precast 

prestressed concrete components. In recent years, precast prestressed 

construction has provided an economical solution for commercial and 

industrial buildings. This type of construction is used for manufactur

ing process buildings and for storage of materials. In many instances, 

the contents of the building are of higher economic value than the 

cost of the building itself. Damage and destruction of such buildings 

by tornadoes may cause large economic losses and therefore, protection 

of these buildings against tornadoes is often desirable. Major objec

tives of this thesis are to establish the feasibility of tornado resis

tant design of precast concrete buildings, to present an appropiate 

design criteria, and to verify the design of special connections that are 

necessary to resist the tornadic forces. 

Precast prestressed concrete buildings are designed utilizing 

pre-selected components and connections with coordinated subsystems. 

The structural systems of these buildings are comprised of precast pre

stressed concrete panels forming an enclosure. The walls and roof are 

made of double-T panels which are assembled togather with standard con

nections. The wall panels serve as loadbearing walls, thus eliminating 

the need for a structural frame. The roof elements and their connections 

are designed to provide a diaphragm action in transferring the lateral 

loads to shear walls. An exploded view of a typical building employing 
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a precast prestressed structural system is shown in Figure 1 [1,2]. 

This type of building is capable of resisting tornado induced loads 

because of the inherent strength of indiviual members, the box type struc

tural system, and because of the ability of concrete components to resist 

Impact loads of windborne debris. 

Tornadoes are devastating natural weather phenomena. They are 

relatively short lived and narrow pathed windstorms but leave paths of 

severe damage when they move on ground. Annually tornadoes incur hun

dreds of millions of dollars in damage to property and take more than one 

hundred lives in the United States [3]. A single tornado moving through 

an urban area has inflicted property damage of more than one hundred mil

lion dollars [4,5]. Tornadoes are generally small; the vast majority are 

less than a mile in diameter and many of them are smaller than 100 yards 

[6]. Tornadoes appear as funnels which dip downward from base of exist

ing clouds and approach the ground in irregular fashion. These funnels 

are clouds of water droplets mixed with dust and debris. A mass of air 

rotating at high speed forms the tornado vortex which has lower than 

ambient atmospheric pressure at its center. Tornadoes cause damage to 

buildings through high winds, atmospheric pressure change, and through 

impact of debris that is lifted into air by the tornadic winds. 

Recent research in tornadoes has resulted in two important 

findings: (1) winds are the major damaging mechanism for conventional 

buildings [7], and (2) their intensity in terms of windspeeds is signi

ficantly less than what was once believed; the windspeeds in the most 

intense tornado are in the range of 300-350 mph [8] but in the vast 

majority they are less than 160 mph. These two findings indicate that 



commercial and industrial buildings could be designed to resist a large 

percentage of tornadoes, thus reducing the risk of large economic losses. 

Standard structural components of precast buildings could be modified to 

resist tornadic forces. In addition, it would be necessary to modify 

the standard connections and in some instances to design special connec

tions. Of notable importance is the fact that these modifications are 

not major changes in the building components and therefore can be made 

with reasonable cost increase. 

The research reported here is restricted to the development of a 

tornado resistant design for a one story precast prestressed concrete 

commercial and industrial building. Buildings of more than one story 

require moment resistant connections to safely resist large lateral 

loads produced by the tornadic winds. The development of moment resis

tant connections is beyond the scope of this research. 

To advance understanding of the research problem, a brief 

description of tornado load mechanisms and design criteria is presented 

In Chapter II. Chapter III contains development of design loads for the 

example building and a discussion of tornado resistant design consider

ations. Design of structural connections which can resist tornado in

duced loads is presented in Chapter IV. Experimental test results of 

new types of connections are presented in Chapter V, and the summary and 

conclusions of this research are provided in Chapter VI. Appendix A 

presents the necessary modifications to the standard structural compo

nents for safely resisting the tornado induced loads. Volume change 

deformations in roof panels are presented in Appendix B and the 



calculations for loads on special connections are presented In Appendix C. 



CHAPTER II 

TORNADO RESISTANT DESIGN CRITERIA 

Criteria for designing tornado resistant buildings should 

establish design tornado intensity (design windspeeds) and the maximum 

values of the loads due to wind, atmospheric pressure change and impact 

of windborne debris. These loads could act in certain combinations to 

produce critical loads for the structural systems. In addition, the 

safety of building components in terms of Load Factors and the limita

tions on the size of the building should also be considered. 

Tornado Intensities 

Tornadoes vary considerably in their intensities which are 

expressed in terms of associated windspeeds. Classification of tornadoes 

by associated windspeeds facilitates the development of tornado resistant 

design criteria. Fujita [9] has developed a system to classify torna

does in various intensity classifications based on aerial surveys of 

damage caused by tornadoes. All reported tornadoes in U.S.A. can be 

classified according to their intensities in terms of probable maximum 

windspeeds in each tornado instance. Frequency distribution of torna

does which occurred from 1950-1972 is presented in Table I. This inten

sity distribution indicates that a large majority of tornadoes do not 

contain extremely high windspeeds. For example, 88 percent of the 

reported tornadoes from 1950-1972 (Ref. Table I) are judged to have 

windspeeds of less than 160 mph. 

For tornado resistant design considerations, the tornadoes are 
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TABLE I 

INTENSITY DISTRIBUTION OF TORNADOES 

7 

Windspeed** 
mph 

40-72 

73-112 

113-157 

158-206 

207-260 

261-318 

1950-1972* 

No. of Tornadoes 

3538 

5262 

3934 

1413 

341 

48 

Percent 

24.4 

36.2 

27.1 

9.7 

2.3 

0.3 

Cumulative 
Percent 

24.4 

60.6 

87.7 

97.4 

99.7 

100.0 

* Data obtained from computer tape developed by National Severe Storm 

Forcast Center, NOAA, Kansas City, Missouri. 

** Based on aerial survey of damage. 
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divided into three categories as follows: 

Category 1: Low intensity tornadoes; windspeeds of less than 

120 mph (approximately 61 percent of the reported 

tornadoes, Ref. Table I). 

Category 2: Moderate intensity tornadoes; windspeeds of less 

than 160 mph (approximately 88 percent of the 

reported tornadoes, Ref. Table I). 

Category 3: Severe and extreme intensity tornadoes; windspeeds 

of more than 160 mph (top 12 percent of the 

reported tornadoes, Ref. Table I). 

Precast concrete commercial and industrial buildings can be designed to 

withstand a particular percentage of tornadoes, according to the desired 

protection of the property and function of the building. The buildings 

could be designed to resist low intensity tornadoes (Category 1, wind-

speeds of 120 mph) if minimum level of protection of property and func

tion is desired and they could be designed to resist moderate intensity 

tornadoes (Category 2, windspeeds of 160 mph) if increased level of 

protection is desired. Design of modular precast concrete commercial and 

Industrial buildings to resist extreme intensity tornadoes may not be 

economically justified because extensive modifications in basic struc

tural components are necessary due to the large spans of the structural 

members. Small modules for occupant protection can be designed utilizing 

previously published criteria [11]. 

Tornado Loads 

The effects of a tornado that are manifested in loads on a 
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building are produced from three mechanisms: (1) pressure forces created 

by air flowing around the structure, (2) pressure forces created by rapid 

changes in atmospheric pressure, and (3) impact forces created from wind

borne debris (Ref. Fig. 2). These loads on structures with respect to 

various tornado intensities are discussed in general terms. 

Wind Induced Loads 

Pressures are applied to surfaces of a structure when the flow of 

wind Is interrupted by presence of the structure. The windward wall ex

periences inward acting pressures, while the roof, side walls and leeward 

wall experience outward acting pressures (Ref. Fig. 2.b). 

Wind induced loads are based on the maximum windspeeds in torna

does for which the design is to be accomplished. The windspeeds in a 

tornado are estimated on the basis of the worst damage caused by that 

particular occurrence and therefore are considered to include all wind 

components as well as gusts, and are believed to be valid for near ground 

wind field (up to 30 ft above ground). 

The procedure to compute design wind pressures is accomplished 

In two steps as outlined below [10]. 

Step 1: Determination of effective velocity pressure q by the 

equation, 

q = 0.00256 V^ (1) 

where, q - effective velocity pressure (psf), and 

V - design windspeed. 

Step 2: Determination of design pressure p by the equations, 

P = q (Cp) (2) 
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for sealed buildings, and 

for vented buildings, 

where, p - wind induced design pressure (psf), and 

q - effective velocity pressure obtained from 

equation 1. 

C - external pressure coefficients, and 

C . - internal pressure coefficients. 

The pressure coefficients account for aerodynamic effects of air flow

ing over, around and through a structure. The ANSI Standard [12] pro

vides pressure coefficients for different shapes of structures and their 

components. These pressure coefficients are assumed to be valid for 

tornadic winds, although there is no rigorous verification of this 

assumption [6]. 

Atmospheric Pressure Change (APC) Induced Loads 

As mentioned earlier, tornadoes contain lower than ambient atmos

pheric pressure within the vortices. The atmospheric pressure is 

minimum at the center of the tornado. As a tornado engulfs the structure, 

there develops a pressure difference between inside and outside of the 

building. If the building is sealed, the difference between outside and 

inside pressures produces outward acting pressures on all surfaces of the 

building (Ref. Fig. 2.c). 

Table II [13] presents the atmospheric pressure change induced 

outward acting pressures on the surfaces of a sealed building as a func

tion of maximum tornadic windspeed. These pressures are normally 
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assumed to occur in 3 seconds based on translational speed of tornado 

of 60 mph. This rate of loading is slow enough to consider the loads 

to be static loads because the natural periods of vibrations of one 

story precast concrete buildings and their components are well below 

one second. 

When a vented building is engulfed by a tornado the inside air 

rushes out through the vents, thus equalizing the pressure on both sides 

of a surface of the building. This equalization of pressure prevents 

any significant build up of outward acting forces. Necessary amount of 

venting area required to allow the escape of inside air with respect to 

various maximum tornadic windspeeds is shown in Table II [13]. Precast 

conmercial and Industrial buildings can be designed as vented buildings 

by providing special blow-out panels. 

If blow-out panels are not provided, the structural systems 

should be designed for wind induced as well as APC induced pressures. 

Windborne Debris Impact Loads 

Windborne debris such as pieces of wood are generated by winds 

associated with a tornado. Other objects picked up by the winds have 

been observed to include timber beams, pieces of sheet metal and roof 

gravel. In addition, automobiles and trailers could tumble in tornadic 

storms. These objects pose damage threat to walls and roof of buildings 

through impact forces. The speed with which the object may impact on 

structural components of a building depends on windspeed in a tornado 

and on the weight, volume and shape of the objects. 

In tornadoes with windspeeds of less than 160 mph, small objects 



TABLE II 

VENTING AREA REQUIRED TO ACCOMMODATE 

ATMOSPHERIC PRESSURE CHANGE 

[13] 

13 

Maximum Design 
Windspeed, mph 

100 

150 

200 

250 

300 

350 

APC Induced 
Pressures, psf 

20 

41 

92 

162 

255 

341 

Venting Area 
sq ft / cu ft 

0.09 X 10"^ 

0.26 X 10"^ 

0.50 X 10"^ 

0.76 X 10"^ 

0.96 X 10"^ 

1.29 X 10"^ 
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such as 2 in. X 4 in. x 10 ft timber pieces may fly at about 100 mph 

[10]. Penetration of windborne debris of this type can be resisted by 

3 In. thickness of concrete [14]. Penetration of pieces of wood through 

doors and windows, if it occurs, is not a threat to the structural 

Integrity of the building. Therefore, windborne debris impact loads 

are not considered as the controlling loads in the design of precast 

concrete buildings to resist tornadoes that have windspeeds less than 160 

mph. 

Load Combinations 

Wind induced and APC induced pressures can occur simultaneously 

on sealed buildings. However, tornado wind field mechanics suggest that 

the maximum values of these two types of pressures do not occur at the 

same time. At a point where maximum windspeed occurs, the APC is only 

one half of the maximum value [6]. Hence, for design purposes the wind 

pressures obtained from equation 2 plus one half of the APC induced 

pressures should be used. 

For vented buildings the controlling loads are only the wind loads 

because vents provide sufficient area for escapement of inside air. 

These wind loads are a combination of external and internal pressures 

as obtained by equation 3. 

Load Factors 

The American Concrete Institute Committee 349 [15] in its 

criteria for nuclear containment vessels considers tornadic loads as an 

extreme envoirnmental loading condition. The manual on Structural Design 

of Nuclear Power Plant Facilities [16] also considers the tornado 
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criteria as an extreme loading condition, and load factors of 1.0 are 

recommended. Therefore, for tornado resistant design of precast build

ings the load factor for the design of structural systems is taken as 

unity. 

PCI Handbook [1] recommends a load factor of 4/3 for the design 

of structural connections which take the form of welds or clips. For 

a tornado resistant design, it is desirable that building damage may 

take place due to yielding of structural members and not due to the 

failure of the connections. Hence, a load factor of 4/3 is used for the 

design of connections between structural components of the building. 

Size of Building 

A one story precast building is a box-system structure. Elimi

nation of expansion joints is essential to develop shear wall and roof 

diaphragm actions to resist large lateral loads. For one story precast 

concrete buildings without an expansion joint, the maximum layout dimen

sions are recommended to be 200 ft x 144 ft [2]. Limitations on roof 

and wall openings to accomodate services in a seismic design of one 

story precast concrete buildings given in Versa Space Engineering Manual 

[2], are also recommended for tornado resistant design. 



CHAPTER III 

TORNADO LOADS AND DESIGN EXAMPLE 

Tornado design load computations for a typical size precast 

prestressed concrete building are presented. The design loads are 

obtained for vented and sealed types of constructions to illustrate the 

procedure for computations involved. In addition, design consider

ations for the structural components are also discussed. The modifi

cations to the standard components of a vented building for resisting 

tornado induced loads are presented in Appendix A. The structural 

connections are designed in Chapter IV, since they require special 

design considerations. 

The development of tornado loads for a building involves selec

tion of the building size, selection of the desired degree of protec

tion for the building, and establishment of the maximum design windspeed 

Building Layout 

A building size not requiring any expansion joint is considered 

for design. Figure 3 illustrates the building dimensions. The length 

of the building is 200 ft which is equal to the maximum recommended 

dimension in the design criteria (Ref. Chapter II). The building width 

Is taken as 128 ft which is less than the maximum allowed dimension of 

144 ft without an expansion joint. Since the building walls are design

ed as shear walls, the smaller width of the building makes the building 

critical against lateral loads. The 128 ft dimension can accommodate 

two spans of 64 ft long standard roof panels [1,2]. An 18 ft wall 

height is chosen. 

16 
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Degree of Protection 

The building is to be designed to resist moderate intensity 

tornadoes (Category 2, 88 percent of the reported tornadoes; Ref. 

Chapter II). The maximum design windspeed for this category is 160 mph 

as discussed in the previous chapter. Accompanying atmospheric pres

sure change induced load is 52 psf (Ref. Table II). The venting area 
3 

required to accommodate the atmospheric pressure change is 0.31 x 10" 

sq ft / cu ft of the building volume (Ref. Table II). 

Design Loads 

The tornadoes impose loads on structures through wind, atmos

pheric pressure change (APC) and impact of windborne debris. As 

discussed earlier, debris impact loads are not critical for precast 

prestressed concrete buildings in moderate intensity tornadoes. Design 

loads are obtained for vented and sealed types of constructions for the 

building size assumed. 

Sealed Building 

If the building is provided with doors and windows that can 

resist tornadic forces, the design loads are a combination of wind loads 

(that are obtained through Eq. 2) and one half of the APC induced loads. 

These loads are computed in the following manner: 

Effective velocity pressure is determined using equation 1. 

q = 0.00256 (160)2 

= 66 psf. 

Wind induced pressures p are computed using equation 2. 

P = q (Cp) 



TABLE III 

DESIGN PRESSURES FOR SEALED BUILDING 
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Building 
Component 

Overall Pressures 

Windward wall 

Leeward wall 

Side wall 

Roof 

Localized Pressures 

Roof eaves 

Roof corners 

Wall corners 

Wind Induced Press
ure p (psf) 
P = q** X C *** p 

C 
P 

+0.8 

-0.5 

-0.7 

-0.7 

-2.4 

-5.0 

-2.0 

P (psf) 

+53 

-33 

-46 

-46 

-158 

-330 

-132 

1/2 APC* 
induced 
pressure 

(psf) 

-26 

-26 

-26 

-26 

-26 

-26 

-26 

Design Press
ure for buil
ding areas = 
p + 1/2 APC 

(psf) 

+27**** 

-59 

-72 

-72 

-184 

-356 

-158 

* Atmospheric Pressure Change = -52 psf. 

** Effective velocity pressure obtained from equation 1 is 66 psf. 

*** External pressure coefficients obtained from Ref. 12. 

**** Inward acting pressures are positive and outward acting pressures 
are negative. 
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Appropiate values of the external pressure coefficients C 
P 

are obtained from Ref. 12. The computed wind pressures are 

presented in Table III. 

One-half of the APC induced pressure = -26 psf. 

The design pressures for various areas of the sealed building are also 

presented in Table III. 

Vented Building 

If the building has more than 143 sq ft of venting area in the 

form of blow out panels, the design loads for the structural systems are 

the wind loads which are a combination of external and internal wind 

pressures. These loads are computed in the following manner: 

Effective velocity pressure is determined using equation 1. 

q = 0.00256 (160)2 

= 66 psf. 

Design pressures for the building areas are determined using 

equation 3. 

p = q ( C p - S i ' 

Appropriate values of the external pressure coefficients C and internal 

pressure coefficients C . are obtained from ANSI Standard [12]. The 

calculated design pressures are presented in Table IV. 

Design Loads for Example 

Comparison of design pressures in Tables III and IV shows small 

difference in magnitudes of design loads for both vented and sealed 

types of constructions. The vented case results in larger lateral loads 

but smaller upward acting loads than the sealed case. For illustration. 
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TABLE IV 

DESIGN PRESSURES FOR VENTED BUILDING 

Building 
Component 

Overall Pressures 

Windward wall 

Leeward wall 

Side wall 

Roof 

Localized Pressures 

Roof eaves 

Roof corners 

Wall corners 

External 
Pressure 

Coefficient 
C * 
P 

+0.8 

-0.5 

-0.7 

-0.7 

-2.4 

-5.0 

-2.0 

Internal 
Pressure 

Coefficient 
c .** 
Pi 

-0.3 

40.3 

-0.3 

•0.3 

•0.3 

•0.3 

•0.3 

Design Pressure p 
(psf) for building 
areas = 

q*** (C - C ,) 
^ P pi 

.^72**** 

-53 

-66 

-66 

-177 

-347 

-151 

* External Pressure Coefficients obtained from Ref. 12. 

** Openings assumed uniformly distributed in all walls and are less 
than 30 percent of wall areas; thus C . from Ref. 12 = + 0.30 

*** q = 0.00256 (160)^ = 66 psf 

**** Inward acting pressures are positive and outward acting pressures 
are negative. 
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the building components are designed utilizing loads established for 

vented case. It is assumed that this design with minor modifications 

will also be valid for sealed construction, since the difference in 

design loads for sealed and vented types of constructions is less than 

10 percent. 

Design loads for structural components and for building stability 

are shown in Figure 4.a. The localized loads shown in Figure 4.b are 

utilized to design anchorages and connections. These localized pres

sures are used to design the structural components only when a major 

portion of the component experiences these loads. These localized loads 

are not combined with other loads acting on the building. As discussed 

earlier, the load factors are taken as unity for tornado loads. 

Design Considerations 

The tornadic loads on various building components (shown in 

Fig. 4) signify three exceptions from the usual design loads: (1) the 

lateral loads are much larger, (2) the roof is subjected to upward acting 

pressures instead of the usual downward acting dead and live loads, and 

(3) roof corners, roof eaves and wall corners are subjected to outward 

acting loads of large magnitudes. These loads require certain modifica

tions to the design of standard components of precast prestressed 

concrete buildings. Structural members will require additional strength 

at critical places. The most critical structural members are the roof 

panels which have their entire surface areas within the roof eave area 

(Ref. Fig. 4.b) and are subjected to 177 psf uplift. 

Appendix A presents the design of structural members to resist 

the design loads. Necessary modifications to the standard design of 
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Typical Inward 
Acting Wall Pressure 

72 psf 

Typical Outward Acting 
Wall Pressure 

66 psf 

(a) Design Pressures on Walls and Roof 

-^.lw\-

Typical Roof 
Corner Pressure 

347 psf 

Typical Wal 
Corner Pressure 

151 psf 

0.1 w w - Least width of structure [12] 

(b) Localized Design Pressures for Anchorages. 
These pressures are not to be combined with 
Other Design Pressures. 

FIGURE 4. DESIGN PRESSURES FOR COMPONENTS OF VENTED BUILDING 
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structural components are also included. In most instances, the 

components are upgraded to the required strength by providing additional 

non-prestressed reinforcement. It has not been necessary to increase 

the cross-section of any member to resist the design forces. 

In precast concrete buildings, connections between structural 

components are the most important factor that influences the erection 

and service behavior of the building. Careful thought is given to the 

deformation characteristics of the building from erection to in-place 

service. Connections between various components of the structural 

systems of the building require special considerations from two aspects 

of the tornado loads: (1) to resist large lateral loads, and (2) to 

resist large uplift pressures on roof members. Design of the necessary 

structural connections to resist the design loads is presented in 

Chapter IV. 

Designs of the structural members and connections of the 

example building to resist tornado design loads are performed in accor

dance to the procedures recommended by ACI 318-71 [17] and Uniform 

Building Code [18]. Strengths of the material utilized for various 

building components are given in Appendix A. 



CHAPTER IV 

DESIGNS OF STRUCTURAL CONNECTIONS 

Designs of connections between structural members of the typical 

building to resist tornadic loads established in Chapter III are pre

sented here. These connections are designed to make the structural 

systems of the building act as a box-structure. The design loads for 

the building areas, as shown in Figure 4, can be considered as two 

types of loads: 

1. Lateral loads acting on walls. 

2. Upward acting loads on roof. 

To resist lateral loads, shear connections are provided between wall 

panels to permit the walls to act as shear walls. Connections between 

wall panels and roof are designed to transmit lateral loads. Shear 

connections are also provided between roof panels to develop a diaphragm 

action of the roof to transfer the lateral loads to shear walls. 

Connections between wall panels and footings are designed to resist 

lateral and shear loads. These connections are similar to the standard 

connections given in References 1 and 2. 

The uplift pressures on the roof of the building create a 

special problem for the connections between roof panels and their 

supporting members. Special connections are necessary to resist the 

uplift forces, to accommodate end rotations of roof panels and at the 

same time to provide flexibility for volume change deformations in roof 

panels. Various design concepts were developed for these connections 

since these are not standard connections. Designs of the recommended 
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connections are also presented. Experimental testing of these designs 

was considered necessary to study their practicality and load-deformation 

behavior. Procedures and results of the tests are presented in Chapter V. 

Designs of the connections to resist lateral and upward acting 

loads are presented separately. As mentioned earlier, a load factor of 

4/3 is used in the designs of structural connections. 

Connections to Resist Lateral Loads 

Typical connections between roof and wall panels and between 

wall panels and footings that are provided to resist the lateral loads 

acting on walls of the building are noted in Figure 5. These connections 

are designated as connections A, B, C, D, E, F and G for easy identifi

cation of their locations. 

Connections between Adjacent Roof Panels: Connection A 

The double-T roof panels are joined togather by shear connec

tions between adjacent flanges (Ref. Figure 5). These connections 

enable the roof to act as a diaphragm for transferring the lateral 

loads to shear walls. The details and design of this connection are 

presented in Figure 6. Connection A is similar to the connection between 

roof panels for Earthquake Resistant Design of Precast Concrete Buildings 

presented by PCI Handbook [1]. 

Connections between Consecutive Roof Panels: Connection B 

The double-T roof panels of the two spans of the roof system 

are joined togather by shear connections at the roof girder support 

(Ref. Figure 5). These connections are designed to serve two purposes: 



27 

(1) to make the roof act as a diaphragm, and (2) to resist the chord 

forces that are produced in the roof due to lateral loads that act 

perpendicular to non-loadbearing walls. The design and the details 

of this connection are presented in Figure 7. Details of the connec

tion are similar to the connection between roof panels at roof girder 

support given in References 1 and 2. 

Connections between Roof Panels and Non-Loadbearing Walls: Connection C 

The lateral loads are transferred to the non-loadbearing shear 

walls through diaphragm action of the roof. Connections between non-

loadbearing shear walls and roof panels are designed to transmit these 

lateral loads (Ref. Figure 5). The details and the design of a typical 

Connection C are presented in Figure 8. Connection C is similar to the 

connection between roof panels and non-loadbearing walls for resisting 

wind loads recommended by Versa Space Engineering Manual [2]. 

Connections between Roof Panels and Loadbearing Walls: Connection G 

The lateral loads on non-loadbearing walls are transferred to 

the loadbearing shear walls through diaphragm action of the roof. 

Connections between roof panels and loadbearing walls are provided to 

transmit these lateral loads (Ref. Figure 5). In addition to these 

loads, this connection is designed to resist uplift pressures acting on 

the roof panels. The design of Connection G is presented later under 

the section on Connections to Resist Uplift Loads. 

Connections between Wall Panels: Connection D 

Precast Concrete Buildings are designed as box structures to 

resist large lateral loads induced by tornadic winds. The building 
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walls act as shear walls and the roof provides a diaphragm action in 

resisting the lateral loads. Connections between wall panels are 

designed to make the walls act as shear walls (Ref. Figure 5). The 

details of this connection are presented in Figure 9. The concept of 

this connection is based on the information presented in PCI Handbook 

[1] and Versa Space Engineering Manual [2]. 

Connections between Wall Panels and Footings: Connection E 

The stability of wall panels against the lateral loads is 

achieved by providing connections between wall panels and the footings 

(Ref. Figure 5). Combination of the wind induced lateral loads and the 

shear loads on a wall is critical for these connections. The details 

and the design of this connection are presented in Figure 10. This 

connection is similar to the connection between wall panels and footings 

recommended by Versa Space Engineering Manual [2]. 

Connections between Wall Corner Panels and Footings: Connection F 

Winds induce relatively large lateral loads on building wall 

corners, as shown in Figure 4(b). The building walls acting as shear 

walls are independent of each other (two walls at the corners are not 

connected). The panels of adjacent walls act independently. This 

creates uplift on the base connections of wall corner panels. Connec

tions between wall corner panels and footings (Ref. Figure 5) are 

designed to transmit lateral loads as well as to resist uplift. The 

details and the design of this connection are similar to the connection 

between wall panels and footings and are presented in Figure 11. 
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Connection G Connection A 

Connection C 

Connection B 

FIGURE 5. CONNECTION LOCATIONS TO RESIST WIND INDUCED LATERAL 

LOADS ON BUILDING WALLS. This figure illustrates the 

positions of typical connections. The exact spacing for 

each connection is presented in respective design. 

Connection 

A 

B 

C 

D 

E 

F 

G 

Connection between adjacent roof panels. 

Connection between consecutive roof panels. 

Connection between roof panels and non-loadbearing walls 

Connection between wall panels. 

Connection between wall panels and footings. 

Connection between wall corner panels and footings. 

Connection between roof panels and loadbearing walls. 
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J^. 
3"xl/4"x0-5 3/16" ̂ 5 " 

c 

#4 rebar 

3/16"'^5' 

•̂  T= 6.30 K 
c 

L 2"x2"xl/4' 

V= 6.39 K 
c 

FIGURE 6. CONNECTION BETWEEN ADJACENT ROOF PANELS: CONNECTION A 

DESIGN LOADS: 
1 . Total lateral load on building walls (Ref. Appendix A, Stability 

of Building) = 153.4 K 
2. Total tension in roof due to outward acting pressures (Ref. Appen

dix A, Wall Panel) = 76.0 K 
Lateral load is transferred to two walls, hence lateral load on 

connections = 153.4/2 = 76.7 K 
Assuming connections at ^"^^vj 8 f t for 128 f t width of the building, 
I .e . 16 connections; 

Shear Load on each connection, Vc= (76.7/16) x (4/3) = 6.4 K 
Tension on each connection,T= (76.0/16) x (4/3) = 6.0 K 

DESIGN: 
Design of the connection is based on procedures presented by Ref-

rences 1 and 2 for Earthquake Resistant Designs of Precast Concrete 
Buildings. 
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(a). Locations of the Connection B. 

4"xl/4"x0-4" 

L 3"x2"xl/4"x0-5;' 

1/4"^ 4" 

2#4 x 1'- Q" 

7 

Roof Panel 

r 

• 

• 

Roof Girder 

(b). Details of the connection. 

FIGURE 7. CONNECTION BETWEEN CONSECUTIVE ROOF PANELS: CONNECTION B 
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DESIGN LOADS: 
1. Total lateral shear to be transferred to shear walls in case 

of lateral loads that act perpendicular to loadbearing walls 
(Ref. Appendix A, Stability of Building) = 153.4 K 

2. Max. Chord Force in roof due to lateral loads that act perp
endicular to non-loadbearing walls; 

Lateral Wind Pressure for Overall Structure (Ref. Appendix 
A, Stability of Building) = 85.2 psf. 
Lateral load to be transferred to shear walls = 

1/2 X (85.2/1000) x (128x18) = 98.15 K 
Max. Bending Moment = VL/8 = (l/8)x(98.15)x(128xl2) 

= 18844.90 in.-K. 
Assuming 24 such connections with locations as shown in Figure 7, 
the resisting arm against the Bending Moment = 200/2 = 100 ft 

Therefore, Chord Force = 18844.9 x (1/100x12) = 15.7 K. 
Hence, 

Design Shear for each connection = 153.4 x (1/24) x (4/3) 
= 8.5 K. 

Design Chord Force for each connection = 15.7x(l/12)x(4/3) 
= 1.74 K. 

The lateral shear controls the design of the connection, since the 
two forces do not act simultaneously. 

DESIGN: 
(a). Assume 1/4" fillet weld 3" in length. 

The weld shall be in compression or in tension, and therefore 
the yield stress = 36 Ksi. 
Weld area = (0.707xl/4)x(3) = 0.534 in. 
Ultimate load capacity = (0.9)x0.534x36 = 17.3 K (O.k.) 

(b). Assume L 3"x2"xl/4" x 0-4" with 2#4 bars as shear friction 
reinforcement. 2 
Area of shear friction reinforcement, Avf = 0.392 in 
From Refrence 19, Shear Load Capacity = $ x fyv x Avf 

where; (j) = 0.85 
fyv = Yield stress of anchorage reinforcement. 

Therefore, Shear Load Capacity = 0.85x 40 x 0.392 
= 13.3 K (O.k.) 
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FIGURE 8. 

L 3"x2"x3/8"x0-6 

6"\ll/4" 
2#4 x r-0" 

Roof Panel 

j n 3"x2"xl/4" 
xO-8" 

5"xl/4"x 
0-8" plate 
with 2#4x 
r - 0 " 

Wall Panel 

CONNECTION BETT^EEN ROOF PANELS AND NON-LOADBEARING WALLS: 
CONNECTION C. 

DESIGN LOADS: 
1. Tensile load due to outward acting pressures (Ref. Appendix A, 

Wall Panel) = 76.0 kips for 128 ft wall length. 
2. Shear load on non-loadbearing walls (Ref. Appendix A, Stability 

of Building) = 84.35 kips for 128 ft wall length. 
Assuming such connections at every 4 ft of non-loadbearing wall; 

Design Tension for each connection = (76.0x4/128)x(4/3) 
= 3.15 K 

Design Shear for each connection = (84.35x4/128)x(4/3) 
= 3.52 K 

DESIGN: 
(a). Assume L 3"x2"x3/8"x0-6" 

Max. Bending Moment (on horizontal leg) = 3.15 x (2.0 + 0.25/2) 
= 6.70 in.-K 

Plastic Section Modulus = 6 x (0.375)2 xl/4 
= 0.21 in? 

Max. Bending Stress = 6.70/0.21 = 31.75 Ksi 
Area Resisting Shear = 6x0.375 = 2.25 in. 
Shear Stress on section = 3.52/2.25 = 1.56 Ksi 

Max. Resultant Stress = y(1.56)2 + (31.75)^ 
= 31.90 Ksi (O.K.) 

(b). Assume 1/4 in. fillet weld 3 in. in length as shown. Use E 70 
XX Electrodes. 
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Throat area of the weld = (0.707x1/4) x 3.0 
= 0.527 in : 

Tensile stress in the weld = 3.15/0.527 = 6.0 Ksi 
Shear stress in the weld = 3.52/0.527 = 6.7 Ksi 

Resultant stress in the weld = / (6 .0 )2 + (6.7)^ 
= 9.0 Ksi (O.K.) 

(c). Assume 5"xl/4"x0-8" plate with 2#4 bars as anchorage reinfor
cement in wall panel and L 3"x2"xl/4"x0-8" with 2=4 bars as 
anchorage reinforcement in roof panel. 

The rebars are the critical component of the anchorage 
reinforcement. 
Sectional area of rebars = 2x0.196 = 0.392 in? 
Shear stress in rebars = (3.52)/(0.75x0.392) 

= 12.0 Ksi 
Tensile stress in rebars = (3.15)/(0.9x0.392) 

= 9.0 Ksi 

Resultant of the stresses = 7(12.0)2 + (9.0)2 
= 15.0 Ksi. (O.K.) 



Panel 

3"xl/4"x0-4" 
35 

Wall Panel 

(a). Sectional Plan of Wall. 

V. 

L 3"x2"xl/4 
xO-5" 

"*—#4 typical 

3/16 II U ^ ^ A " 

3"xl/4"x0-4' 

Vc= 8.0 K 

(b). Details at A-A. 

FIGURE 9. CONNECTION BETWEEN WALL PANELS: CONNECTION D. 

DESIGN LOADS: 
Max. Shear Load on walls (Ref. Appendix A, Stability of Building) 

= 0.66 K/ft of wall length. 
Each wall panel is 8 ft wide. Provide two such connections bet
ween adjacent wall panels. 
Since shear stresses on two perpendicular faces are equal, hence 
the shear load between two panels = 0.66x wall height 

= 0.66 X 18 = 11.9 K 
Design Shear for each connection = (11.9/2)x(4/3) 

= 8.0 K 

DESIGN: 
Design of this connection is based on procedures presented in 

references 1 and 2 for Earthquake Resistant Design of Precast Concrete 
Buildings. 
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Wall Panel 

4^3 bars welded to 
6"xl/4"x0-8" plate 

Footing^ 

2" Dry Pack 1/4" ̂ 3 " 

L 4"x6"x5/8"x0-6" 

6"xl/4"x0-8" 
plate with 
4#3 bars 

FIGURE 10. CONNECTION BETWEEN WALL PANELS AND FOOTINGS: CONNECTION E 

DESIGN LOADS: 
1. Shear load on wall panels (Ref. Appendix A, Stability of Buil

ding) = 0.66 K/ft of wall length. 
2. Reaction due to lateral wind loads on walls (Ref. Appendix A, 

Wall Panel) =0.60 K/ft of wall length 
Assume such connections at every 4 ft of wall length. 

Base shear on each connection = (0.66x4)x(4/3] 
= 3.52 K 

Reaction due to lateral load = (0.6x4)x(4/3) 
= 3.2 K 

DESIGN: 
(a). Assume L 4"x6"x5/8"x0-6" 

Max. Bending Moment (in horizontal leg) due to lateral load 
= 3.2 X 6.0 = 19.2 in.-K 

Plastic Section Modulus = 6 x (0.625)^ x (1/4) 
= 0.586 in? 

Maximum Bending Stress = 19.20/0.586 
= 32.8 Ksi 

Average shear stress in sectional area of horz. leg 
= (3.52)/(6x0.625) = 1.0 Ksi 

Resultant of Max. Bending and Shear stresses = 7(32.8)2 + (1)^ 
= 33 Ksi 

(O.K) 



37 

(b). Use 1/4" fillet weld 3" in length as shown. Use E 70 XX 
Electrodes. 
Allowable shear stress in the weld = 21.0 Ksi 
Throat area of the weld = (0.707x1/4) x 3.0 

= 0.53 in? 
Shear stress due to base shear = 3.52/0.53 

= 6.64 Ksi 
Tensile stress due to lateral reaction = 3.2/0.53 

= 6.03 Ksi 
Resultant of the stresses =/(6.64)2 + (6.03)2 

= 9.0 Ksi (O.K) 

(c). Provide 6"xl/4"x0-8" plate with 4#3 bars as anchorage reinfor
cement in footing. 

Sectional area of rebars = 4x0.11 = 0.44 in? 
Shear stress in rebars = Shear load/(4)X 0.44) ; 

where ^ = 0.75 
= 3.52/0.33 =10.7 Ksi 

Tensile stress in rebars = 3.2/(4)x0.44) ; 
where ^= 0.90 

= 8.0 Ksi 
Resultant of the stresses = ^ (8.0)2 + (10.7)2 

= 13.2 Ksi (Q ,̂ j 

(d). Provide 6"xl/4"x0-8" plate with 4#3 bars as anchorage reinf
orcement in wall panel. 

Minimum area of shear friction reinforcement Avf, is 
computed using the following equation from Reference 19. 

Avf = ( Tu + yu_ ) X ( l/<l)xfvy) 
where; y 
Tu = Reaction normal to member = 3.2 K 
Vu = Reaction in plane of the member = 3.52 K 
0 = 0.75 
y = 1.0 

fvy = Yield strength of anchorage reinforcement 
Avf = (3.2 + 3.52) x (1/0.75x40) 

= 0.23 in? 
Therefore 4#3 bars are adequate. 
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Dry Pack 

Footing 

Wal1 Panel at corners 

4#5 bars welded to 
6"x3/8"x0-8" plate 

^P^ 
3/8" 6" 

L 4"x6"x5/8" 
xO-6" with 
5/8" stiffner 

6"x3/8"x0-8" 
plate with 
4#5 bars 

(a). Details of the connection. 

_ _^ ^ jL = -IL66J0'ftL_ _ _ 
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(b ) . Upl i f t on the connection. 

00 

39.6 K 

8.5 K 

cr i t ica 
section 

8.5K 

39.6 K 

(c). Forces acting 
on the 
connection. 

FIGURE 11. CONNECTION BETWEEN WALL CORNER PANELS AND FOOTINGS 
CONNECTION F. 
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DESIGN LOADS: 
1. Base shear on wall panels (Ref. Appendix A, Stability of Build

ing) = 0.66 K/ft of wall length. 
2. Reaction due to outward acting wind pressures on wall corners 

(Ref. Appendix A, Wall Corner Panel) = 1.59 K/ft of wall corner 
panel width. 

3. Corners of the walls are not connected, therefore the shear load 
on the walls creates uplift on the connection between wall corner 
panels and footings. The magnitude of this uplift T is 29.7 K 

Assume two such connections for each wall corner panel. 
Design uplift for the connection = 29.7(4/3) = 39.6 K 
Design lateral load for the connection = 1.59 x 4 x (4/3) 

= 8.5 K 
Design base shear for the connection = 0.66 x 4 x (4/3) 

= 3.52 K 

DESIGN: 
(a ) . L 4"x6"x5/8"x0-6" with 5/8" thick stiffner as shown. 

The sti f fner resists bending in the angle due to lateral 
and upl i f t loads. These loads are then resisted by the 
st i f fner as in-plane loads. 

Sectional area of the cr i t ica l section = 0.625x6xSine 
= 2.08 in? 

Stress at cr i t ica l section = ( l /2 .08)x( 39.6/Cose + 8.5/Sine) 
= 31.2 Ksi (O.K.) 

The angle legs resist the base shear. 
Sectional area of the legs = 0.625 x 6 

= 3.75 in? 
Shear stress in the angle = 3.52/3.75 

= 1.0 Ksi (O.K.) • 

(b). The weld, the anchorage reinforcement in the footing and the 
anchorage reinforcement in the wall corner panel is designed 
following the procedure presented in the design of the 
connection between wall panels and footings (Ref. Figure 10). 
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Connections to Resist Upward Acting Loads 

Winds induce upward acting pressures on roof of the building 

as shown in Figure 4. The dead weight of the roof panels counteracts 

the uplift, thus reducing the net uplift pressures. Special designs of 

connections between roof panels and their supporting members are neces

sary to resist net uplift pressures on the roof. These connections 

are also designed to accommodate end rotations of roof panels and at the 

same time to accommodate axial movements of roof panels caused by volume 

changes. The roof panels have slender double-T cross-section and 

relatively large span and therefore they undergo axial deformations due 

to creep, shrinkage and temperature variations. Appendix B presents 

calculated values of anticipated axial length change in roof panels of 

the building under consideration. The net uplift loads on the roof 

panels are presented in Appendix C. 

Loadbearing wall panels provide bearing support for roof panels. 

The interior ends of roof panels rest on the roof girder which in turn 

is supported by precast columns. Typical locations of the connections 

that are provided between roof panels and the supporting members are 

shown in Figure 12. These connections are designated as connections G, 

H, I, J, K and L for easy recognition of their locations. 

Connections between Roof Panels and Loadbearing Wall Panels: Connection G 

Connections between roof panels and loadbearing wall panels (Ref. 

Figures 5 and 12) are not only designed to resist uplift forces but also 

to resist lateral loads as discussed in the previous section. The Con

nection G is designed as a semi-rigid connection such that it prevents 
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axial movements of roof panels but allows their end rotations. If the 

end rotations of roof panels are restricted, cracks are likely to be 

produced in the roof panel ends and in the supporting area [20.21]. In 

a paper on the design of connections for precast concrete members, 

Hanson [22] states "It is usually best to make welds at top of 

roof members. By placing the members on flexible bearing pads and 

omitting grout between ends, the members are essentially free to rotate 

by pivoting about the top, causing no harm to roof membrane." 

Connection G is provided between flanges of roof panels and the 

wall panels. The details and the design of this connection are presented 

1n Figure 13. The conceptual design of this connection is based on the 

Information presented in Earthquake Resistant Design of Precast Concrete 

Buildings by Versa Space Engineering Manual [2]. 

Connection between Roof Panels of Eave Area and Loadbearing Walls: 

Connection H 

The eaves areas of the roof of the building are subjected to 

relatively large upward acting pressures, and the wall corners of the 

building are subjected to relatively large outward acting pressures as 

shown in Figure 4. These large pressures require strengthened connec

tions. Design of this connection is achieved by upgrading Connection G 

which resists uplift and lateral loads. The details and the design of 

Connection H are presented in Figure 14. 

Connections between Roof Panels and Roof Girder: Connection I 

Special connections are designed between the roof panels and 

the roof girder to resist uplift pressures on the roof, to accommodate 
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end rotations of roof panels and to provide flexibility for volume 

change deformations in roof panels. In a paper on the design of con

nections for precast prestressed concrete members, Philleo [23] concludes 

"If a tee is free to slide at one end, volume change forces can 

be accommodated and therefore, ignored." 

Connection I, which is provided between roof panels and the roof 

girder, is designed to allow free axial movement of the roof panels and 

to accommodate end rotatios, but to resist any upward forces. The 

other ends of roof panels have rigid connections (Ref. Connections G 

and H). Connections which resist uplift forces but allow axial move

ment and end rotations of roof panels require new concepts. Three design 

concepts for Connection I were developed. Sketches of the concepts I 

and II are shown in Figure 15 and of the concept II in Figure 16. The 

concept III for connection I is considered better than the other con

cepts because of its ability to undergo large deformations and because 

of its practicality in ease of fabrication. The design calculations 

and the details of Connection I are presented in Figure 16. 

Since Connection I is not similar to standard connections and 

its load resisting ability has not been proven, it is desirable to 

experimentally test this connection. Test results of this connection 

are presented in Chapter V. 

Connections between Roof Panels of Eave Area and Roof Girder: 

Connection J 

The eave area of the roof of the building is subjected to rel

atively large upward acting pressures, as shown in Figure 4. The 
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Connection J between roof panels which have their entire surface within 

the roof eave area and the roof girder is designed to resist this 

large upward acting pressures and at the same time to provide flexibil

ity for volume change deformations in roof panels (Ref. Figures 11 and 

17). Design of Connection J could not be accommplished by upgrading 

Connection I because the design forces for Connection J are many times 

larger than the design forces on Connection I. 

Design concept developed for Connection J and design calcula

tions are presented in Figure 17. Connections of similar nature are 

not currently used and therefore a series of tests were conducted to 

evaluate the behavior and practicality of this connection. Details 

and results of the test program for Connection J are presented in 

Chapter V. 

Connection between Roof Girder and Interior Column Supports: 

Connection K 

Roof girder is designed as a continous beam over the interior 

column supports. Splices are provided between girder units over the 

column supports to achieve continuity. Details of connection between 

roof girder and interior column is shown in Figure S-3 by Versa Space 

Engineering Manual [2]. Location of Connection K is shown in Figure 12 

The uplift between each end of the roof girder and the interior column 

support is 33 Kips (Ref. Appendix C). Connection details recommended 

by Versa Space Engineering Manual [2] can resist this uplift force. 
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Connection between Roof Girder and Column at Non-Loadbearing Wall: 

Connection L 

Large uplift forces are experienced at roof girder support 

over the column at non-loadbearing wall, since this portion of the roof 

Is located within the eave area (Ref. Figures 3 and 4). To resist 

these uplift forces, the roof girder is connected to the column by 

prestressing cables (Ref. Figure 18). The prestressing cables are 

stressed to a level that is sufficient to achieve proper anchorage. The 

details and the design calculations of Connection L are presented in 

Figure 18. 

Column Base Connections 

Sizes and the reinforcement details of the columns for the 

building under consideration are given in Appendix A. The anchor bolts 

recommended to connect the column to its foundation are 4 bolts of 

1-1/8" in diameter. The maximum design uplift at any column is 78.3 

Kips (Ref. Connection L). The anchor bolts recommended for the base 

connection can safely resist this uplift force. 
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Connection H 

Roof Girder 

Connection 
J 

7UZ Connection G ^— Connection K. 

FIGURE 12. CONNECTION LOCATIONS TO RESIST UPLIFT PRESSURES ON ROOF 

OF THE BUILDING. This figure illustrates the position 

of typical connections. The exact spacing for each 

connection is presented in respective design. 

Connection 

G 

H 

I 

J 

K 

L 

Connection between roof panels and loadbearing walls. 

Connection between roof panel of eave area and loadbearing 

wall. 

Connection between roof panels and the roof girder. 

Connection between roof panel of eave area and roof girder. 

Connection between roof girder and interior columns. 

Connection between roof girder and column at non-loadbearing 

wall. 
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6"xl/4"x 
0-7" plate 
with 4#3 

'^^P^ over stems 

L 4" X 3" X 1/4" cont. with 3/8" 
stiffners over stems 

^ 

-5"xl/4"xO-7" plate 
with 4#3 bars X 

\r 
— Corbel 

Wall Panel 

Roof Panel 

FIGURE 13. CONNECTION BETWEEN ROOF PANELS AND LOADBEARING WALLS: 
CONNECTION G. 

DESIGN LOADS: 
1. 
2. 

K 
press 

3. 

Chord Force (Ref. Appendix A, Stability of Building) = 30.0 K 
Lateral load to be transmitted to roof due to lateral wind pr 
ures on loadbearing walls (Ref. Appendix A, Wall Panel) 

= 0.65 K/ft of wall length. 
Uplift due to upward acting pressures on roof (Ref. Appendix C) 

= 13.70 K/wall panel, i.e. 8 ft length of wall. 
To resist the chord force, a continous angle is provided along the 
wall length. To resist uplift and lateral loads, stiffners are 
welded to the angle at every 4 ft of wall length with corressponding 
anchorage reinforcements in wall and roof panels, as shown in the 
above sketch. 

Design chord force = 30.0 (4/3) = 40.0 K 
Design lateral load = 0.65x4x(4/3) = 3.5 K 
Design uplift = (13.7/2)x(4/3) = 9.15 K 

DESIGN: 
(a). Assume L 4"x3"xl/4" continous along the wall, as shown. 

As (provided) = 1.69 in? 
Axial tensile or compressive stress in angle 

= 40.0/1.69 = 23.7 Ksi (O.K.) 

(b). Assume 3/8" stiffners at every 4 ft of wall length. 
The critical section of the stiffner against the design loads 
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Is at a plane which is perpendicular to its inclined leg and 
passes through the shear center of the angle. 
The vertical and horizontal legs of the angle are 3" and 4" 
In length respectively. Therefore, the inclined leg of the 
stiffner is 5" long. 

Sectional area of the critical section = 3/8x(4x3/5) 
= 0.9 inr 

Compressive stress on critical section 
= [ (9.15/0.8) + (3.5/0.6) ] x (1/0.90) 
= 20.0 Ksi (O.K.) 

(c). Assume 1/4" fillet weld 5" in length at every 4 ft of wall 
length. Use E 70 XX Electrodes. 

Allowable shear for weld = 0.707x1/4x21 
= 3.7 K/ in. of weld 

To resist the chord force, minimum weld length 
= 40.0/3.7 
= 11.0 in. for entire wall length 
of 200 ft. 

Resultant of uplift and lateral load 

= 7(9.15)2 + (3.5)2 
= 10.0 K 

Minimum weld length to resist uplift and lateral loads 
= 10.0/3.7 
= 3.0 in. after 4 ft of wall 

length. 
Therefore, the assumed design is adequate. 

(d). Assume 6"xl/4"x0-7" plate with 4#3 bars as anchorage reinforcement 
In wall panel. 

As of bars provided = 4 x 0.11 = 0.44 in? 
Shear stress in rebars = 9.15/(0.75x0.44) 

= 27.7 Ksi 
Tensile stress in rebars = 3.5/(0.9x0.44) 

= 8.9 Ksi 

Resultant of stresses = 7(27.7)2 + (8.9)2 
= 30.0 Ksi (O.K.) 

(e). Assume 5"xl/4"x0-7" plate with 4#3 bars as shear friction rein
forcement in wall panel. Shear friction reinforcement is desi
gned following the procedure given in Ref. 19. 

Minimum area of reinforcement, Avf = [ 9.15 + 3.5/1 ] 
40 X 0.85 

= 0.38 in? 
Area provided = 0.44 in? 

Therefore, the design is adequate. 
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1/4 THT^ 8" over stems 

L 4"x3"xl/4" cont. with 2-3/8" 
stiffners at every 4 ft of wall 
length. 

•». »•.-

5"xl/4"x0-10" plate 
with 4#4 barsx 1 ' -0" 

^ 

\ 

•Corbel 
Roof Panel of Eave 
Area. 

Wall Corner Panel 

FIGURE 14. CONNECTION BETWEEN ROOF PANELS OF EAVE AREA AND LOADBEARING 
WALLS: CONNECTION H. 

DESIGN LOADS: 
1. Chord Force (Ref. Appendix A, Stability of Building) = 30.0 K 
2. Lateral load to be transmitted to roof due to outward acting wind 

pressures on wall corners (Ref. Appendix A, Wall Corner Panel) 
= 1.59 K/ft of wall length. 

3. Uplift due to upward acting pressures on roof eave areas (Ref. 
Appendix C) = 38.62 K/wall panel, i.e. 8 ft length of wall. 

To resist the chord force, a continous angle is provided along the 
wall length. To resist uplift and lateral load, two stiffners are 
welded to the angle at every 4 ft of wall length with anchorage 
reinforcements in wall and roof panels, as shown in the above sketch. 

Design chord force = 30.0x(4/3) = 40.0 K 
Design lateral load = 1.59x4x(4/3) = 8.5 K 
Design uplift = (38.62/2)x(4/3) = 25.75 K 

DESIGN: 
This connection is similar to the connection between roof panels 
and loadbearing walls (Ref. Figure 13). Design of this connection 
Is achieved following the procedure presented in Figure 13. 
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ZZIC 
^ 

Roof Panel 

Kotter Key 

Steel strap 

Anchor plate 

Hinge 

-90* twisted 
steel strap 

jT^n pipe 
cast in place 

1/4" ^ 

X Neoprene pad 

Roof Girder 

(a). Concept I for Connection between Roof Panels and 
Roof Girder. This sketch shows connection details 
at cross-section of roof panels at girder support. 

Roof Panel 

Steel plate with \ 
bearing relnf. ( 

Anchor 

FIGURE 15. 

reinforcement 

4 

Curved steel strap 

1/4"!/^ 

Neoprene pad 

Roof Girder 

(b). Concept II for Connection between Roof Panel a and 
Roof Girder. This sketch shows details at longitudinal 
section of roof panels at roof girder support. 

DESIGN CONCEPTS I AND II FOR CONNECTION BETWEEN ROOF PANELS 
AND ROOF GIRDER: CONNECTION I. 

TEXASTECHLIBRAitI 
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Roof Panel 
3cz=: 

-f- Kotter Key 

1/2" dia s h e a r r ^ ^ ' ^ 
bo l t 

^ 4" y | l / 4 " 

Z L 

pipe 
cast in place 

2"x l /4" steel 
strap 

1/4"K2" 

3CZ 

ST 6x15.9 X 0-9" 

Anchor plate 

Roof Girder 

(a). Concept III for Connection between Roof Panels and Roof Girder 

/I Roof Panel 

^ 
1.5"-, 

— \ -

11" 

H 

^ 

2.5"—» 

Critical section 
of the web 

2 tf 

Roof Girder 

—*. r* 

2" 

T 
15" 

^-JL 

0.75" 

\j^. 
3.75" 

1.5" 

8"x3/8"x0-ll" plate 
with 2r»4 

(b). Details at A-A, 

FIGURE 16. CONNECTION BETWEEN ROOF PANELS AND ROOF GIRDER: CONNECTION I 



51 

Ut:)lbN LUADS: 
1. Uplift between a roof panel and the roof girder (Ref. Appendix C) 

= 4.75 K 
Two connections are provided to each roof panel with the roof girder. 
These connections are provided to the stems of roof panels, i.e. at 
every 4 ft length of roof girder. 

Design uplift for each connection = (4.75/2)x(4/3) 
= 3.15 K 

DESIGN: 
(a). Assume 1/2" dia and 8" long shear studs as shown. 

As of each stud = 0.196 in? 
The studs are in double shear. 

Shear stress in studs = (3.15/2)x(l/0.196) 
= 8.1 Ksi (O.K.) 

The design of shear studs is done by a conservative approach, 
since the stud passing through the stem of roof panel is subj
ected to bending due to the uplift load. The bending occurs 
because the stud is not grouted in the stem of roof panel. This 
bending of the stud can not be taken into account by an analy
tical approach. 

(b). Assume 2"xl/4" steel straps 
To accommodate 1/2" dia studs, 5/8" dia holes are provided 
in the straps. 
Net cross-sectional area of straps = 1/4 x (2-0.625) 

= 0.34 in? 
Allowable tensile stress on hole area of straps = 0.5 Fy 

= 18.0 Ksi 
Allowable load for each strap = 0.34 x 18 = 6.1 K (O.K.) 

(c ) . Assume ST 6x15.9 x 0-9" 
Section properties are; d=6", bf=5", tw=0.35", tf=o.544" 

Max. lever arm of upl i f t with respect to cr i t ical section 
of the web = d-2tf -0.75- l .0 

= 6-1.09-0.75-1.0 = 3.16" 
Max. bending moment = 3.15x3.16 = 10.0 in.-K 
Plastic section modulus of section = (l/4)xbxt-

= (l/4)x9x(0.35)2 = 0.28 in? 
Max. bending stress = 10.0/0.28 = 35.9 Ksi (O.K.) 

(d). Assume 1/4" fillet weld 4" in length at lower end of the flange 
as shown. The 2" weld length provided at upper end of flange is 
for stability of the T-member. Use E 70 XX Electrodes. 

Max. eccentricity of the uplift = 6-0.75-1.0 = 4.25" 
Eccentric moment on weld = 3.15x 4.25 = 13.4 in.-K 
Moment of inertia of the weld about the resisting axis 

= 4 X (2.5)2 
= 25.0 in.3 
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Average shear force on weld = 3.15/4 
= 0.80 K/in. of weld 

Max. bending force on weld = 13.4/25 
= 0.6 K/in. of weld 

Max. resultant force on weld = 7(0.8)2 + (0.6)^ 
= 1.0 K/in. of weld 

Allowable shear force on weld = (0.707xl/4)x 21 
= 3.71 K/in. of weld 

Therefore, the design is adequate. 
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I 
Roof Panel 

3C 

7/8" dia 
pipe* 

3/4" dia bolt 

— " ^ 
oil 8 i 
ri

ll "x8"x3/8" 
anchor plate 

y-V 6"x6"x3/9" 
t-\ w n on X 0-9 

9". »1 w -1" 

Z]C 
% 

l/4"'^2" 

3/8" stiffner 

l/4"hv,9" 

Roof Girder 

(a). 

— ^ A *Note: The 7/8" dia pipe Is to be placed next 
to the prestressing strands. 

Details of Connection between Roof Panels of Eave Area 
and Roof Girder. 

-4 
^ ^ ^ 

W=^ 

1.5IJU 

/I Roof Panel 

^^^ZI 7/8" pipe* 

3/4" dia bolt 

Nut with washer 

2-3/8" stiffners welded 
to L 6'x6"x3/8" 

Roof Girder 

(b). Details at A-A. 

FIGURE 17. CONNECTION BETWEEN ROOF PANELS OF EAVE AREA AND ROOF GIRDER: 
CONNECTION J. 
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DESIGN LOADS: 
1. Uplift between each roof panel and the roof girder (Ref. Appendix 

C) = 24.66 K a V KK 

Two connections are provided to each roof panel with the roof girder. 
These connections are provided to stems of roof panels, i.e. at every 
4 ft length of roof girder. 

Design uplift for each connection = (24.66/2)x(4/3) 
= 16.44 K 

DESIGN: 
(a). Assume 3/4" dia bolt of a minimum yield strength of 66 Ksi. 

The effective dia at the threaded portion of the bolt is 
5/8". 
As of the threaded portion = 0.314 in? 
Max. tensile stress in bolt = 16.44/0.314 

= 52.4 Ksi (O.K.) 

(b). Provide 1/4" fillet weld 9" in length to the lower end of the 
vertical leg of the angle, as shown in the sketch. Provide 1" 
fillets to the other sides of the angle for stability. 

Allowable shear load on weld = 0.707x1/4x21 
= 3.71 K/in. of weld 

Max. eccentricity of uplift = 6.0-1.0-0.375 
= 4.625 in. 

Max. eccentric moment on weld = 16.44 x 4.625 
= 76.1 in.-K 

Moment of inertia of the weld with respect to the resisting 
axis = 8x(6.0)2 = 288.0 in? 
Average shear force on weld = 16.44/9 = 1.8 K/in. of weld 
Average moment force on weld = 76.1/288 = 0.3 K/in. of weld 

Resultant force on weld =7(1.8)2 + (0.3)2 
= 2.0 K/in. of weld (O.K.) 

(c). Assume L 6"x6"x3/8" xO-9" with 2-3/8" stiffners as shown. 
The eccentric uplift on the connection produces bending 
in the angle. Stiffners welded to the angle resist this 
bending. The stiffners have to yield before the angle legs 
start bending. The horizontal leg of the angle acts as 
a plate supported on three sides with a slot in the middle 
of its length. An analytical solution of this problem is 
not intended due to its complexity. By following simple 
established procedures, it is established that 2-3/8" 
stiffners can resist the design uplift for the connection. 
Experimental testing was done to check the load capacity 
of this connection. Test results for this connection are 
presented in Chapter V. 
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Wall 
Panel 

Stem of Roof Panel 

Prestressing Chuck 

Bearing Plate 

1/2" dia pipe 

Roof Girder 

2-3/8" prestressing 
strands 

Column 

FIGURE 18. CONNECTION BETWEEN ROOF GIRDER AND COLUMN AT NON-
LOADBEARING WALL: CONNECTION L. 

DESIGN LOADS: 
1. Uplift between roof girder and column at non-loadbearing wall 

(Ref. Appendix C) = 58.75 K 
Design uplift for connection = 58.75x(4/3) 

= 78.33 K 

DESIGN: 
(a). Assume 4-3/8" dia 270 K strands. 

Aps = 4 x 0.085 = 0.34 in. 
Apsxfsu = 0.34x270 

= 92.0 K capacity (O.K.) 

(b). Provide 4"x4"x3/8" steel bearing plates underneath each chuck, 
Prestress the strands to 30 kips to provide stable connection. 



CHAPTER V 

TEST RESULTS OF CONNECTIONS 

Tornado design loads for the building considered in this study 

require special connections between roof panels and the roof girder 

(Ref. Connections I and J, Chapter IV). These connections are designed 

to resist the uplift forces on the roof due to the tornadic winds, to 

accommodate end rotations of roof panels and to provide flexibility 

for volume change deformations in roof panels due to creep, shrinkage 

and temperature variations. Connections with similar functions are 

not used in the current design practice. Therefore, experimental 

study was undertaken to prove the analytical design of these special 

connections. The design calculations and details of Connections I and 

J are shown in Figures 16 and 17 respectively. 

Connection I (Ref. Figures 12 and 16) is provided for roof 

panels which have a small portion of their lengths within the roof eave 

area. For roof panels that are entirely within the roof eave area. 

Connection J (Ref. Figures 12 and 17) is proposed. The controlling 

design load for both of these connections is the uplift on the roof 

panels. The volume change deformations in roof panels are accommodated 

by allowing free axial movement of roof panels in the connections, 

thus eliminating volume change forces (Ref. Chapter IV). The essential 

requirement of the test program therefore was to simulate upward 

acting load on each connection assembly. Failure modes and the ultimate 

load capacity of the simulated connections are recorded from tests. 

The tests were conducted in the Structural Testing Laboratory 

56 



57 

of the Department of Civil Engineering at Texas Tech University, Lubbock 

Texas. The details of the test set-up and test results of both the 

connections are presented separately. 

Connection I 

Six specimens of the Connection I conforming to the design 

details presented in Figure 16 were tested. Test set-up and load 

measurement technique for a typical test are presented in general terms. 

Results of the six tests are also discussed. 

Test Set-Up 

The test arrangement utilizes a steel column bolted to the 

structural testing floor of the Civil Engineering Laboratory for over

all support of the test set-up. The connection and the loading arrange

ment as assembled in the test set-up is shown in Figure 19. A steel 

platform shown in top portion of Figure 19 is bolted to the column. 

This platform supports two hydraulic jacks of 30 ton capacity. The 

steel plate bolted to the column shown in lower portion of Figure 19 

simulates the anchorage plate of the connection in the roof girder 

(Ref. Figure 16). An intermediate steel member of double-T shape is 

connected to the pistons of hydraulic jacks by prestressing strands 

which in turn are held in position by prestressing chucks. The inter

mediate member simulates the stem of double-T roof panels. Proposed 

details of the Connection I are fabricated with the steel plate and 

the intermediate member, as shown in Figure 19, to represent actual 

field conditions. A photograph of the test set-up is shown in 

Figure 20. 
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Jack 
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73 
(a). Front Elevation. (b). Side Elevation 

FIGURE 19. TEST SET-UP FOR CONNECTION I: CONNECTION BETWEEN ROOF 
PANELS AND ROOF GIRDER. 
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FIGURE 20. TEST SET-UP FOR CONNECTION I 
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Uplift force is applied to the connection by hydraulic jacks. 

A pump shown In Figure 21 is used to pump the fluid in the jacks. 

The hand pump shown in the same figure is used to force the pistons 

of hydraulic jacks to their respective original positions, after the 

conclusion of each test. 

The uplift force on Connection I acts at variable eccentricity 

with respect to T-member of the connection (Ref. Figures 16 and 19). 

The eccentricity of the uplift force is governed by the position of the 

steel straps connected to the stems of roof panels. The tests on 

Connection I specimens were conducted for maximum eccentric position of 

steel straps, which is the design basis of this connection. 

Load Measurement 

Uplift force acting on the connection was measured in two ways: 

(1) from strain readings obtained from strain gages mounted on each 

face of the steel straps, and (2) from dial readings of the hydraulic 

pressure. Strain and hydraulic pressure readings were noted at 

intervals during each test to study the deformation characteristics of 

test specimens. 

Information showing deformation characteristics corressponding 

to the load for a typical test on Connection I is presented in Table V. 

This table indicates that the two Independent measuring systems give 

load values which are within 15 percent of each other. Final results 

utilize loads computed from strain readings, since the strain readings 

are more reliable and also because they can be noted precisely from a 

strain indicator. 



TABLE V 

RESULTS FOR A TYPICAL TEST ON CONNECTION I 
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Hydraulic 
Pressure 
readings. 

(psi) 

250 

350 

500 

562 

Average strains in 
Steel Straps, 

(micro-inches) 

Strap 1 

96 

125 

184 

191 

Strap 2 

114 

162 

251 

271 

Test Load on 
Connection, 

(lbs.) 

From 
Hydraulic 
Pressure 

3265 

4571 

6530 

7314 

From 
Strain 
readings 

2953 

4161 

6113 

6582 

Comnents 

No visible 
effects. 

Shear bolt in 
stem of roof 
panel starts 
bending. 

Bolt bends, 
the web of T-
member starts 
bending. 

Bolt fails, 
the web of T-
member yields. 
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Test Results 

The test results of the six specimens of Connection I are 

presented in Table VI. It was observed that the specimens failed due 

to yielding of the stud located in the stem of the roof panel (Ref. 

Figure 22), and due to simultaneous yielding of the web of T-member 

(Ref. Figure 23). The bending of the stud causes lateral slipping of 

the steel strap as shown in Figure 22. Kotter keys that are provided 

to keep the stud in its position resist the slipping movement of the 

straps. To provide clearance, kotter keys were positioned at a dist

ance of 1/2" from the outer faces of steel straps. The test specimens 

did not utilize any washer between straps and the kotter keys. Obser

vations of the tests have led to the conclusion that the field conne

ctions must utilize washers between straps and kotter keys for two 

reasons: (1) to keep the straps in their original positions over a 

period of time, and (2) to prevent slipping of the straps when the stud 

starts bending due to uplift force on the connection. 

The tests were performed on connections fabricated from comp

onents which consisted of Grade 60 strength steel instead of the design 

steel of Grade 36 strength. A factor of 36/60 was therefore multiplied 

to the test load of the connections to obtain the corressponding load 

capacity of the designed connections. 

Results presented in Table VI indicate consistency among the 

tests conducted. Small variations in results are attributed to the 

fabrication of the connection details. The average load capacity of 

the Connection I obtained from test results is 1.36 times the design 

load for the connection. 



TABLE VI 

TEST RESULTS FOR CONNECTION I 
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Test No. 

1 

2 

3 

4 

5 

6 

Load capacity of test 
connection. 

(lbs.) 

Test Load 

6582 

7979 

6484 

7889 

6829 

7215 

Adjusted Load 
for A36 steel 

3949 

4787 

3896 

4733 

4097 

4329 

^test 
P^ • design 

1.25 

1.52 

1.24 

1.50 

1.27 

1.37 

Failure Mode 

Excessive ben
ding of bolt 
and yielding of 
web of T-member. 

Same 

Same 

Same 

Same 

Same 
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FIGURE 21. EQUIPMENT USED FOR TESTS 

FIGURE 22. FAILURE OF THE STUD Aî D SLIPPING OF STEEL STRAP. 



FIGURE 23. YIELDING OF THE WEB OF THE T-MEMBEK 
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Connection J 

Six specimens fabricated according to the design details of 

Connection J (Ref. Figure 17) were tested. Test set-up and load 

measurement technique for a tupical test are presented in general 

terms. Results of the tests are also discussed. 

Test Set-Up 

Test set-up and the loading arrangement for Connection J is 

presented in Figure 24. This arrangement is similar to the test ar

rangement used for Connection I, except for the intermediate steel 

member that is utilized to simulate the double-T roof panels. An inter

mediate member of rectangular shape as shown in Figure 24 is connected 

to the pistons of hydraulic jacks by two steel bolts which are held in 

their positions by nuts provided at their ends. Proposed details of 

Connection J (Ref. Figure 17) are fabricated with the steel plate and the 

intermediate member to represent actual field conditions. A photograph 

of the test set-up is shown in Figure 25. 

Uplift force is applied to the connection specimens by hydraulic 

jacks. Equipment used for the tests is the same equipment that was 

used in testing of Connection I specimens (Ref. Figure 21). 

The uplift force on Connection J acts at variable eccentricity 

with respect to the vertical leg of the angle (Ref. Figures 17 and 24). 

The eccentricity of the uplift force is governed by the position of 

the bolt provided through the stems of roof panels. The tests on 

Connection J specimens were conducted for maximum eccentric position 

of the bolt, which is also the design basis for this connection. 
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Steel Bolt 

Hydraulic Jack 

Top Platform 

Steel Bolt — 

i 
I 

* • rr-r r...i. 

Intermediate 
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Nut and Washer — 
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Bolt to f ix steel 
plate with test 
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L 6"x6"x3/8" 
X 0-9" with 
2-3/8" stiffners 

-1/4" F i l l e t Weld 

I Shape Steel Test 
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(a). Front Elevation (b). Side Elevation 

FIGURE 24. TEST SET-UP FOR CONNECTION J: CONNECTION BETWEEN ROOF 
PANELS OF EAVE AREA AND ROOF GIRDER. 
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FIGURE 25. TEST SET-UP FOR C O N N L L T I O N J 
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Load Measurement 

Uplift force acting on the connection was measured in two ways: 

(1) from strain readings obtained from strain gages mounted on steel 

bolts that are utilized to connect the pistons of jacks and the inter

mediate member (two strain gages are mounted on each bolt), and (2) 

from dial readings of the hydraulic pressure. Strain and hydraulic 

pressure readings were noted at intervals during each test to study 

the deformation characteristics of the test specimens. 

Detailed information showing deformation characteristica cor

responding to the load for a typical test on Connection J is presented 

in Table VII. This table indicates that the two independent measuring 

systems give load values which are within 10 perecent of each other. 

Final results utilize loads computed from strain readings, since they 

can be more accurately noted from a strain indicator. 

Test Results 

The test results of the six specimens of Connection J are 

presented in Table VIII. It was observed that in three of the tests, 

the specimens failed due to the shear failure of the threads of the bolt 

and due to simultaneous yielding of the horizontal leg of the angle 

(Ref. Figures 26 and 27). Two of the specimens failed due to the 

failure of welds between connection components (Ref. Figures 28 and 

29), which is attributed to poor fabrication of these specimens. 

Test results presented in Table VIII indicate consistency among 

the results. The average capacity of Connection J against uplift force 

obtained from test results is 1.25 times the design load for the 

connection. 



TABLE VII 

RESULTS FOR A TYPICAL TEST ON CONNECTION J 
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Hydraulic 
Pressure 
readings. 

(psi) 

500 

1275 

1500 

1900 

Average strains in 
Bolts. 

(micro-inches) 

Bolt 1 

139 

345 

407 

529 

Bolt 2 

107 

316 

377 

488 

Test Load on 
Connection. 

(lbs.) 

From 
Hydraulic 
Pressure 

6525 

16651 

19590 

24814 

From 
Strain 
readings 

5589 

15048 

17836 

23150 

Comments 

No visible 
effects. 

Localized ben
ding in horiz
ontal leg of 
the angle. 

Increased loc
alized beding 
of the angle 
leg. Washer 
and the Nut are 
also bent. 

No further pre
ssure build-up. 
After a while, 
shear failure 
of the bolt 
threads occurs. 



TABLE VIII 

TEST RESULTS FOR CONNECTION J 
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Load capacity of 
test connection. 

(lbs.) 

20030 

17120 

23150 

21600 

20960 

18740 

p 
'̂ test 
P^ • design 

1.22 

1.04 

1.41 

1.31 

1.27 

1.14 

Failure Mode 

Failure of weld between 
angle and stiffner. 

Failure of weld between 
bolt and bearing plate 
at roof panel. 

Shear failure of threads 
of the bolt, and simul
taneous yielding of 
horizontal leg of the 
angle. 

Same 

Same 

Failure of weld between 
angle and anchor plate 
of roof girder. 

r9 
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FIGURE 26. SHEAR FAILURE OF THE THREADS OF THE BOLT HND YIELUIMG OF 
THE HORIZONTAL LEG OF THE ANGLE. 

FIGURE 27. YIELDING OF THE HORIZONTAL LEG OF THE ANGLE AND 
WELD BETWEEN ANGLE ANu THE STIFFNER. 

AILURE OF 
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FIGURE 28. FAILURE OF WELD BETWEEN ANGLE Aî U ANCHORAGE PLMTE 

FIGURE 29. FAILURES OF THE ANCHOR BOLT 



CHAPTER VI 

SUMMARY AND CONCLUSIONS 

The purpose of this study was to develop tornado resistant 

design of one story industrial and commercial buildings that utilize 

precast prestressed concrete components. Recognition of the tornado 

loading mechanisms and the variations in tornado intensities are 

presented. A typical building with dimensions that does not require 

expansion joint is considered for design. Design loads are obtained 

for this building components for the desired degree of protection 

against tornadoes. Suitability of the structural components that are 

utilized to resist normal acting dead and live loads is examined 

against tornado loads. Necessary modifications to these components to 

resist tornado loads are also presented. The design of connections 

between the structural members of the building is described. The 

tornado loads require special connections between roof panels and their 

supporting members. Various concepts for these connections are devel

oped and some typical connections are recommended. Test results of the 

experiments conducted for verification of the analytical desrgn of 

special connections are also presented. 

The principal observation of this study is that a standardized 

one story precast prestressed concrete building can be modified to 

resist a large percentage of tornadoes. Structural members that are 

used under normal loading conditions of dead and live loads require 

only slight modifications to resist tornado design loads. The members 

of the building are modified by providing additional auxiliary rein-
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forcement at critical locations. Connections between structural rerbers 

require careful design considerations to resist tornado loads. However, 

most of these connections can be designed following the established 

procedures such as Earthquake Resistant Design of Precast Concrete 

Buildings. Special connections can be designed to resist unusual aspects 

of the tornado loads. Test results of the special connections indicate 

that these connections are feasible as well as practical. 

Economics of the tornado resistant construction is governed by 

the additional expense in upgrading the structural members and connec

tions and in providing some new connections as related to the desired 

degree of protection for the function of the building. The objectives 

of this study did not include an economic analysis of the tornado re

sistant construction. But, it is important to note that the recommen

ded modifications to standard building components to resist Category II 

tornadoes (windspeeds of 160 mph; 88 percent of the reported tornadoes) 

are not major structural changes. Therefore, it is believed that a 

tornado resistant precast concrete building can be constructed with a 

relatively small increase in its normal construction cost. 
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APPENDIX A 

TORNADO RESISTANT DESIGN OF 
STRUCTURAL PANELS 

^ The structural system of precast concrete buildings is comp
rised of precast prestressed panels that are assembled together by 
connections. The design of structural panels of various sizes is sta
ndardized to resist normal dead and live loads by PCI Handbook [1] and 
Versa Space Engineering Manual [2]. This chapter presents the study 
of the current designs of structural panels to resist the tornado loads 
established in Chapter III. Necessary modifications in the designs of 
structural panels to resist tornado loads are also presented. 

Strengths of Materials 

1. 28 day concrete strength 5000 psi 
All structural panels. 

2. Yield Strength 60000 psi 
Main Reinforcement. 

3. Yield Strength 40000 psi 
Stirrups and ties. 

4. Ultimate Strength 270000 psi 
Prestressed Reinforcement. 

5. Yield Strength 36000 psi 
Structural Steel. 

Lateral Stability of Building 

Tornadic winds produce lateral loads on walls of the building 
as shown in Figure 4. The stability of the building against sliding 
and overturning forces produced by lateral loads is examined. 

Lateral wind pressure for overall structure (Ref. Table IV, 
Chapter III) = q x ( External pressure coefficient for windward wall 

+ External pressure coefficient for leeward wall). 
= 66 x (0.8+0.5) 
= 85.2 psf 

Lateral load to be transferred to shear walls through diaphr
agm action of the roof, Vi= (1/2) x (85.2/1000) x (200x18) 

'= 153.4 K 
Uniform Building Code [18] recommends to consider 5 percent 

eccentricity for the total lateral load on the building. Figure 30 
presents the forces in the building components due to the lateral wind 
load. 

Eccentricity, e = 0.05 L = 0.05x200 = 10 ft 
Max. shear reaction, Ro = 0.55 Vi= 84.35 K 

Connections between roof panels and non-loadbearing shear walls are des
igned to transmit this shear (Ref. Connection C, Chapter IV). 

Max. shear intensity, vo = (84.35/128) 
= 0.66 K/ft 
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(b). Plan of sketch (a) 

FIGURE 30. LATERAL STABILITY OF BUILDING. 
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Max. Bending Moment, Mo = w x (D^x (1/8) = VxLxl/8 
= 153.4x200x(l/8)xl2 
= 46020.0 in.-K 

Max. Chord Force, Co = To = (46020)/(128xl2) 
r ^. = 30.0 K 
connections between roof panels and loadbearing walls are designed to 
resist this chord force (Ref. Connection G, Chapter IV). 

Details of the wall panels used for the building considered 
J"̂ ® PJ'^sented later in this chapter. The dead wt. of 8 ft wide panels 
is 0.418 K/ft. The building height is 18 ft. The corressponding foot
ing size is assumed as 2.5 x 1 ft. Dead wt. of this section is 0.36K/ 
ft. 

Total dead wt. of each non-loadbearing wall, 
N = 128 [ (0.418xl8)x(l/8) + 0.36 ] 

= 173 K 
Overturning Moment on wall = Ro x H 

= 84.35 X 18 = 1518.0 ft-K 
Available moment of resistance (assuming the vertical reaction 
from soil to be within middle third, a conservative assumption) 
= N X D X (1/6) 
= 173 X 128 X (1/6) = 2758 ft-K 
Factor of Safety against overturning = 2758/1518 = 1.82 

The sliding force on shear walls is resisted by the friction at bottom 
of wall footing. Assume granular soil with coefficient of fr ict ion 
equal to 0.50. 

Available resistance against sliding = N x 0.50 = 173x0.50 
= 86.5 K 

Factor of safety against sliding = 86.5/84.35 
= 1.02 

For precast buildings, a factor of safety of 1.50 is recommended against 
sliding and overturning due to lateral loads by PCI Handbook [1]. 
These computations are based on a very conservative approach which 
neglects the resistance of building columns and their foundations. 

of 
ning 

Is approach also considers the building footings to be resting on top 
the soil. Hence, the building is safe against sliding and overtur-

Roof Panels 

The span of the roof panels for the building size considered 
is 64 ft. To resist normal acting dead and live loads, the cross-
sectional details of the panels recommended by PCI Handbook and Versa 
Space Engineering Manual are shown in Figure 31. 

Section Properties 

Ac = 401 in? Ic = 20985 inV Yt = 6.85 in. 
Yb = 17.15 in. Zt = 3063 in? Zb = 1224 in? 
Wt. of the section = 0.413 K/ft 
The reinforcement details are as follows; 



82 

prestressed strands 

•̂  1-3.75" 

. 2'-n" JL 4'-n" 

FIGURE 31. AUXILLIARY REINFORCEMENT IN ROOF PANELS. 

DESIGN MOMENT: 
Max. Bending Moment = 675.90 in.-K 

The moment acts such that it produces tension in the flange of the sec
tion and therefore the prestressing strands are assumed to be ineffect
ive to resist tension at ultimate load. 

M = M max. ; where *= 0.90 

= 675.9 = 751.0 in.-K 

DESIGN: 

0.9 

Assume the depth of compression block, a = 1.05 in, 

C = 751.0 
d- a/2 

= 33.40 K 

Now, a = C 
0.85 X fc X b 

= 1.05 in. 

751.0 
23 - 0.525 

33.40 
0.85 X 5 X 7.5 

(O.K.) 

C = T = As X fy = 33.40 K 

Therefore, As = 33.4 / 60 = 0.556 in? 

Provide 6#3 bars as shown. (As = 0.66 in? ) 

*m 
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Live Load = 25 psf ; Strands = 10-1/2" 270 K 
tccentricity at midspan = 14.15 in. 
Eccentricity at ends = 6.75 in. 

Force Summary 

Aps = 1.53 in. 
Fsu = 270 Ksi ; Fpi = 0.7 Fsu = 189 Ksi 
Pi = 289 K 
Assuming 27 percent final losses, P = 211 K 

Forces due to tornado loads 

Uplift pressure on roof (Ref. Figure 4) = 66 psf = 0.066 Ksf 
Net uplift on roof panels = 0.066x8 - 0.418 

= 0.09 K/ft of span 
Max. Bending Moment (at midspan) = (0.09)x(64)2x(l/8)xl2 

= 675.9 in.-K 
Shear at supports = 0.09x(64/2) 

= 3.52 K 
Span of the roof panels for the assumed building is 64 ft. 

Design Considerations 

Tornado loads, through net uplift forces on roof, cause moments 
which produce tension in the flanges of roof panels. Flanges of the 
roof double-T panels are not reinforced, since they resist compressive 
stresses due to normal acting dead and live loads. Auxilliary reinfo
rcement In the flange of the section is necessary to resist tension 
at tornado instance. The design of this reinforcement is presented 
in Figure 31. 

The net uplift force on the roof panels produce uplift between 
roof panels and the supporting members. Special anchorages are nece
ssary for roof panels to resist the uplift at supports, to accommodate 
end rotations of roof panels and at the same time to provide flexibi
lity for volume change deformations in roof panels. The designs of 
these connections are presented in Chapter IV. For the design of anch
orages for roof panels, the localized pressures are also taken into 
consideration. The magnitude of design uplift for the anchorages of 
the roof panels is calculated in Appendix C. 

Roof Panels of Eave Area 

Tornadic winds incur relatively large uplift pressures on eave 
areas of the roof of the building as shown in Figure 4. A suitable 
solution to resist the large uplift load on roof panels is to use a 
combination of additional dead weight and auxiliary reinforcement in 
flange of the roof panel section. An additional 3" layer of concrete 
is assumed. The cross-sectional details of the roof panels of eave 
area are shown in Figure 32. 

ift 
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S'-O" 

FIGURE 32. AUXILLIARY REINFORCEMENT IN ROOF PANELS OF EAVE AREA. 

DESIGN FORCE: 
Max. Bending Moment = 6144 in.-K 

The moment acts such that it produces tension in the flange of the 
section and therefore the prestressing strands are assumed to be in
effective to resist tension at ultimate load that acts upwards. 

M* = M max. ; where •= 0.90 

6144.0 
ITT" 

6827.0 in.-K 

DESIGN: 
Assume the depth of compression block, a = 9.20 in. 

Total Compression, C = 6827.0 
d - a/Z 

= 6827.0 
23 - 4.6 

371 K 

Now, a = 
0.85 fc b 

371 = 9.19 in. (O.K.) 
0.85x5x9.5 

The average width of the compression block is used. 

C « T = Asxfy = 371 K 

Therefore, As = 371/60 = 6.20 in? 

Provide 8#8 bars (As= 6.28 in?) 
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Section Properties 

Ac = 689 in? ic = 32888 in** Yt - 6.36 in. 
Yb = 20.64 in. Zt = 5171 In? Zb = 1594 in? 

Dead wt. of the section = 0.700 K/ft (including cast in-place cone.) 
The reinforcement details to resist usually acting dead and live loads 
are; ^ » 

Live Load = 25 psf ; Span = 64 ft 
Strands = 12-1/2" 270 K 
Eccentricity at midspan = 13.90 in. 
Eccentricity at ends = 5.15 in. 

Force Summary 

Aps = 1.836 in? 
Fsu = 270 Ksi ; Fpi = 0.7 Fsu = 189 Ksi 
Pi = Aps X Fpi = 1.836 x 189 

= 347 K 
Assuming 27 percent total losses, P = 0.73 x 347 = 253 K 

Forces at Tornado Instance 

Uplift pressure at roof eave area = 177 psf (Ref. Figure 4) 
Net uplift on roof eave panels = 0.177x8 - 0.700 

= 0.716 K/ft 
Max. Bending Moment (at midspan) = 0.716x(64) x(l/8)xl2 

= 6144.0 in.-K 
Shear at supports = 0.716x(64/2) 

= 23.0 K 

Design Considerations 

As in case of general roof panels, the net uplift pressures on 
roof panels of eave area produce tension in flange of the section. Since 
the uplift is of greater magnitude, additional dead wt. is used to red
uce the net uplift. Auxilliary reinforcement in flange is provided to 
resist the unbalanced tension. Design of this additional reinforcement 
is presented in Figure 32. 

Since the net uplift on roof panels of eave area is many times 
the uplift on general roof panels, the design concepts of anchorages 
to resist uplift at the supports of roof panels is not feasible for the 
anchorages of the roof panels of eave area. Designs and the details 
of connections for roof panels of eave area are presented In Chapter IV. 

Wall Panel 

The assumed height for the building considered is 18 ft. The 
details of the wall panels reconmended by Ref. 1 and 2 to resist usual 
acting dead and live loads are presented in Figure 33. 
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Section Properties 

in. 

Is also 

^^ " J21 in? Ic = 8191 in!* Zt = 2032 in.̂  

np.H tl "J\u . ^̂  = ^-03 in. Yb = 12.97 in 
Dead wt. of the section = 0.440 K/ft 
Building height assumed = 18 ft 
The reinforcement details to resist normal acting loads 
given in Figure 33. 
Total Aps = 0.57 in? 
Eccentricity, e = 2.92 in., for entire length. 

Ultimate Moment Capacity 

When the loads are such that they produce compression in the 
flange of the section, the ultimate moment capacity (Ref. Fig. 33) 
of the section is 652.0 in.-K. 

When the loads act in a way that produces tension in the flange 
of the section, the ultimate moment capacity of the section is 915 in.-K, 
(Ref. Fig. 33). 

Forces due to Tornado Loads 

The critical pressures on the building walls are (Ref. figure 4) 
1. Inward acting pressure on windward wall = 72 psf 
2. Outward acting pressure on side walls = 66 psf 

Depending on the wind direction, any building wall could be a 
windward or a side wall. Wall panels are erected such tliat the flan
ges form the inner faces of the building walls. Therefore, Inward act
ing pressure produces compression and the outward acting pressure prod
uces tension in the flanges of the wall panels. Against lateral wind 
loads, the wall panels are supported at both ends by providing connec
tions with footings and the roof panels. 

1. Outward acting load on wall panel section = 8x(66/1000) 
= 0.528 K/ft 

Max. Bending Moment = 0.528x(18)2x (l/8)xl2 
= 257 in.-K 

Shear at supports = 0.528x(18/2) = 4.75 K = 0.60 K/ft of wall 

2. Inward acting load on wall panel section = 8x(72/1000) 
= 0.576 K/ft 

Max. Bending Moment = 0.576x(18)2x(l/8)xl2 
= 280.0 in.-K 

Shear at supports = 0.576 x (18/2) = 5.18 K 
= 0.64 K/ft of wall 

Design Considerations 

The monents due to tornado loads are smaller than the ultimate 
moment capacity of the section and therefore the wall panels do not 
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FIGURE 33. DETAILS OF WALL PANEL 

ULTIMATE MOMENT CAPACITY WHEN FLANGE IS IN COMPRESSION: 
Aps (effective) = 2 x 0.115 = 0.23 in? 

p = As = 0.23/(96x15) = 0.00016 

^ bxd 

fps = fse + 60000 
= 151200 + 60000 = 211200 psi = 211.2 Ksi 

Depth of compression block, a = Aps x fps = 0.23 x 211.2 
0.85 fc b 0.85x5x96 

= 0.12 in. 
Ultimate moment capacity, Mu = (j) Aps fps (d - a/2) 

= 0.9x0.23x211.2x(15-0.1) 
= 652.0 in.-K. 

ULTIMATE MOMENT CAPACITY WHEN FLANGE IS IN TENSION: 
Aps (effective) = 4 x 0.085 

= 0.34 in? 
d = 17.0 - 1.5 = 15.5 in. 
fps = 211.2 Ksi 

Depth of compression block, a = Aps fps 
0.85 fc b 

= 2.3 in. 

= 0.34 X 211.2 
0.85 X 5 X 7.5 

Ultimate moment capacity, Mu = • x Aps x fps x (d - a/2) 
= 0.9x0.34x211.2x(15.5-1.15) 
= 915.0 in.-K 

.i\ 
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require any modification to resist tornado induced loads, 

between wan nl^!ic Y^"^'"]^ ^he shears at supports, connections 

panels are provided. 

Wall Corner Panel 

o.ifw;,rH ^.rl] ^^^^^^^ °^ ̂ "je building are subjected to relatively large 
of ?hp w ^ n " ^ pressures (Ref. Figure 4). The cross-sectional details 
c L . • I- ̂ ^''"r P^"^^^ ^''^ ^̂ '"̂ '̂1̂ ^ to the rest of wall panels as 
shown in Figure 33, under normal dead and live loads. 

Forces due to Tornado Loads 

Wall corner panels of the loadbearing walls resist lateral load 
due to winds and an uplift due to their support of the roof panels of 
eave area. The magnitude of the uplift for rest of the wall panels is 
less than their dead weight and therefore was neglected. 

Outward acting pressure at wall corners(Ref. Figure 4) 
= 177 psf V y / 

Lateral load on wall corner panels = (177/1000)x8 
= 1.42 K/ft 

Uplift due to support of roof panel of eave area (Ref. Roof 
Panels of eave area) = 23.0 K 
Dead weight of wall panel =0.44 K/ft 
Net uplift at mid-height = 23.0 - 0.44x9 

= 19.04 K 
max. bending moment (at mid-height of wall corner panel and 
producing compression in the flange of the section ) 

= 1.42 X (18)2 X (1/8) X 12 + 19.04 x Yt 
= 694.52 + 19.04x4.03 
= 771.62 in.-K 

Lateral shear at supports = 1.42 x (18/2) 
= 12.75 K 

Design Considerations 

The ultimate moment resisting capacity of wall panels against 
loads that produce compression in the flanges is 652.0 in.-K (Ref. 
Figure 33). But, the max. bending moment acting on the section at 
tornado Instance is 771.62 in.-K. Therefore, additional non-prestressed 
reinforcement in the flanges of the wall corner panels is necessary 
to resist the tornado induced loads. Design of this reinforcement is 
presented in Figure 34. 

Connections between wall corner panels and the footings are 
designed to resist the lateral load and the uplift on the connections 
due to shear load only (Ref. Chapter IV), or they are designed to 
resist the lateral load and the uplift due to the support of the roof 
panel of eave area. The uplift on connections due to shear load is 
greater and therefore controls the design. However, connections bet
ween wall corner panel and the roof panel of eave area are designed to 
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FIGURE 34. AUXILLIARY REINFORCEMENT IN WALL CORNER PANEL. 

DESIGN FORCE: 
Max. Bending Moment = 771.62 in.-K 

The moment acts such that It produces compression in flange of the sec
tion and therefore of the prestressed reinforcement, only 2-7/16" str
ands are effective to resist tension. 

M = M max. 771.62 
0.90 

= 857.4 in.-K 

DESIGN: 
Effective depth for strands = 17 - 2 = 15.0 in. 
fps = 2 x 0.115 = 0.23 in? 
Effective depth for non-prestressed reinforcement = 1 7 - 3 

= 14 in . 
Effective depth for total reinforcement = 14.75 in . 
fse = 151200 psi (Ref. Wall Panel) 
fps = fse + 60000 

= 211200 psi = 211.2 Ksi 
Assume the depth of the compression block, a = 0.145 in . 

Total compression, C = Design Moment 
d - a/2 

857.4 

Now, a = C ^ 
0.85 fc b 

14.75-0.07 

58.45 
0.85x5x96 

= 58.45 K 

= 0.145 in . 

(O.K.) 
C = T = 58.45 K 
Contibuting Tension from strands = Aps fps ,„ ̂  , 

= 0.23x211.2 = 48.5 K 
Additional tension to be supplemented by non-prestressed reinf
orcement = 58.45 - 48.5 = 10 K 
As (required) = 10/60 = 0.166 in? 

Provide 2#4 bars (As = 0.392 in? ) 
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ulilll the lateral shear at the support of wall corner panel and the 
upiirt at the support of roof panel of eave area. 

Roof Girder 

^ /n f ^P?ci"g 0^ building columns which support roof girder is 40 
ft (Ref. Figure 3). Roof girder units are spliced over column supp
orts to achieve continuity. The cross-sectional details of the roof 
girder units of 40 ft span and which support 64 ft roof panels under 
usual dead and live loads is presented in Figure 35. These details 
are recommended by References 1 and 2. 

Forces due to Tornado Loads 

Since only a small portion of the length of the roof girder 
lies within the roof eave area, therefore the localized pressures are 
not considered in the design of roof girder. 

Uplift between roof panels and the roof girder support (Ref. 
Roof Panel) =3.52 K/panel 
Two roof panels are supported by 8 ft length of the girder. 
Uplift on the roof girder = 3.52 x 2 x (1/8) 

=0.88 K/ft length 
' Dead wt of roof girder (Ref. Figure 35) = 0.825 K/ft 

Net uplift on roof girder = 0.880 - 0.825 
= 0.055 K/ft 

Forces Induced by such small magnitude of uplift shall be 
insignificant. 

Design Considerations 

The roof girder does not require any modifications to resist 
the tornado induced loads. Connections between roof girder and the 
columns are designed to resist the net uplift at supports. Large 
localized pressures are taken into consideration in the design for 
connections. The magnitude of uplift between roof girder and the 
column supports is computed in Appendix C. 

Columns 

Columns used in precast buildings are reinforced by prestress
ing strands. To resist usual acting loads, PCI Handbook [1] recomm
ends the following details for columns which support 40 ft span of 
roof girder and 64 ft span of roof panels; 

Live Load on roof = 25 psf 
Column size = 18" x 18" 
Prestressed reinforcement = 8-7/16" 250 K strands 
Anchor bolts = 4-9/8" dia 

Section Properties 

Ac = 324 in? Aps = 0.92 in? 
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18" 

—\r 

Ac = 792 in? 

Ic = 12777 in*? 

Yt = Yb = 22.0 in. 

Zt = Zb = 5808 in? 

Dead wt. = 0.825 K/ft 

Steel at top = 4-1/2" strands 

Steel at bottom = 24-1/2" 
strands. 431 

'-.A" 

FIGURE 35. DETAILS OF THE ROOF GIRDER 

ULTIMATE MOMENT CAPACITY AGAINST UPWARD ACTING LOADS: 
Aps (effective) = 4-1/2" strands 

= 0.612 in? 
d = 44 - 5 

= 39.0 in . 
b = 18.0 in . 
Fpi = 0.7 Fsu = 0.7x270 

= 189 Ksi 
Assuming 20 percent final losses, fse = 0.8x189 

= 151 Ksi 
Therefore, fps = 151 + 6 0 

= 211 Ksi 
Depth of compression block, a = Aps fps 

0.85 fc b 

= 0.612x211 
0.85x5x18 

= 1.68 in 

Ultimate moment capacity, Mu = (}> Aps fps (d - a/2) 

= 0.9 X 0.612 x 211 X (39-0.8) 

= 4404.0 in.-K 
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Height of column, lu = 216 in. 
Fpi = 0.7 Fsu = 0.7 x 250 

= 175 Ksi 
Assuming 20 percent final losses, 
Fse = 0.8 Fpi = 140 Ksi 
Total Pre-compression, P = 0.92 x 140 

= 129 K 

Forces due to Tornado Loads 

The maximum uplift force acts on the column at non-loadbearing 
wall, since it is located within the roof eave area (Ref. Figures 3 
and 4). The magnitude of the uplift between roof girder and the column 
at non-loadbearing wall is 58.75 K (Ref. Appendix C). 

Design Considerations 

The pre-compression force is much greater than the maximum 
uplift on the column. The anchor bolts provided under normal condit
ions can also resist this magnitude of uplift. Hence, no modification 
is required to the usual column section to resist tornado Induced loads 



APPENDIX B 

CREEP SHRINKAGE AND TEMPERATURE 
DEFORMATIONS IN ROOF PANELS 

An estimate of volume change deformation in roof panels due 
to creep, shrinkage and temprature variations Is presented. The span 
OT the roof panels for the design example considered is 64 ft. The 
cross-sectional details of the roof panels are presented in Appendix A. 
It is assumed that the roof panels shall be erected at an age of 30 
days. The temprature variation for the roof panels of the building 
is considered as 50 F. 

In a paper on design for concrete volume changes, Raths [20] 
presents a rather simple procedure to estimate volume changes in pre
cast prestressed concrete double-T members. This procedure is follo
wed for estimating the volume changes in roof panels of the design 
example. 

From Ref. 20, the total length change of a precast prestressed 
concrete member is estimated by the equation; 

where. 
A = L X ( A ^ + A ^ + A ) f.. 

eC es ex' (4) 

A = Total axial deformation in Inches. 
L = Length of the member in inches. 
A = Axial creep shortening in inch/inch. 

A = Axial shrinkage shortening in inch/inch. 

A = Axial temprature shortening in inch/inch. 

The values of A , A and A are read from graphs presented in Ref. 
20. These grapfis arl^plots bf creep and shrinkage coefficients for 
mass factor and stress to strength ratio of double-T panels. 

Mass Factor of the Roof Panels 

Mass Factor is defined as the ratio of volume to perimeter of 
the cross-section per unit length of the member. 

Area of cross-section (Ref. Appendix A, Roof Panel) = 401 in? 
Perimeter of the cross-section (Ref. Appendix A, Fig. 31) 

= 284 in. 
Mass Factor = 401/284 =1.41 

Stress to Strength Ratio 

Stress to strength ratio is defined as the ratio of compressive 
force over the cross-section to the compressive strength of the mater
ial. 

Average compressive force (Ref. Appendix A, Roof Panel) = P/A 
= 211/401 = 0.53 Ksi 

Compressive strength of concrete (Ref. Appendix A) = 5.0 Ksi 
Stress to strength ratio = 0.528/5.0 

= 0.106 
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Creep Shortening in Roof Panels 
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. From Ref. 20, the creep shortening A is computed by the 
equation; ec K J 

^ c = t ("̂m ^ ^'\^ - (K^ ^ ^ \ ] X Kp (5) 

where, Kp = Stress to strength ratio factor 

Kc = Axial creep shortening in inch/inch 

K^ = Creep and shrinkage relative to 1.5 Mass Factor 

t̂  = Initial time in days. 

tg = Some time after t, in days. 

From Ref. 20; 

K = 0.20 

K^ at 30 days = 1.025 , K̂^ long term = 1.000 

Cc at 30 days = 0.0005 in./in. , cc long term = 0.0011 in./in 

Therefore, A ^ = 0.20 x [ (1.0x0.0011) - (1.025x0.0005) ] 

= 0.00012 inch/inch 

Shrinkage Shortening in Roof Panels 

From Ref. 20, the shrinkage shortening A is computed by the 
equation; 

^ s = [ ("Sn ̂  ^'h] (^ ^ ̂ ^)t2 ] (̂> 
where, cs = Axial shrinkage shortening in inch/inch 

From Ref. 20; 

is at 30 days = 0.00025 inch/inch. 

5S long term = 0.00048 inch/inch. 

Therefore, A ^ = (1.0 x 0.00048) - (1.025 x 0.00025) 

= 0.00023 inch/inch 

Temprature Length Change in Roof Panels 

From Ref. 20, the temprature length change is computed by the 
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equation; 

.̂  = + 6.0 x (10)-'^ X (:J) (7) 

The temprature vaiation is assumed as 50 F 

Therefore, L = + 6.0 X (10)"^ x 50 

= + 0.0003 inch/inch. 

Total Axial Length Change in Roof Panels 

From equation 4, the total axial length change L 

= 64x12 [ 0.00012 + 0.00023 + 0.00O30 ] 

= 0.500 inches. 

{U5SU*« 



APPENDIX C 

UPLIFT AT ROOF PANELS AND ROOF 
GIRDER SUPPORTS 

The design pressures for the example building are shown in 
Hgure 4. As shown in this figure, the building roof is subjected to 
upward acting pressures. As discussed in Chapters III and IV, the 
roof components, i.e. roof panels and the roof girder require anchor
ages at their supports to resist upward acting pressures. In the design 
0'^nchorages for roof members, localized pressures shown in Figure 
4 (b) are also taken into account. These pressures are neglected in 
the design of structural members. In this chapter, the uplift at the 
supports of the roof members is computed. 

Roof Panels 

As shown in Figure 3, the roof panels are supported by loadb
earing walls at the exterior ends and they are supported by the roof 
girder at the interior ends. A small portion of the roof panels is 
located within the roof eave area as shown in Figure 4 (b). 

Span of roof panels (Ref. Fig.3) = 64 ft 
Portion of the length within roof eave area = 12.8 ft 
Dead wt. of the panel (Ref. Appendix A) = 0.418 K/ft 
Uplift pressure on roof (Ref. Fig. 4) = 66 psf 
Uplift pressure on roof eave area = 177 psf 
Net uplift on portion of length not in the roof eave area 

= 8x(66/1000) - 0.418 
= 0.110 K/ft 

Net uplift on portion of length within the roof eave area 
= 8x(177/1000) - 0.418 
= 1.000 K/ft 

The uplift at the supports of the roof panels is computed in Figure 
36 (a). 

Roof Panels of Eave Area 

A small portion of the length of the roof panels of eave area 
lies within the roof corner area as shown in Figure 4 (b). 

Span = 64 ft 
Portion of the length within roof eave area = 51.2 ft 
Portion of the length within the roof corner area = 12.8 ft 
Dead wt. of the roof panels of eave area = 0.700 K/ft ; Ref. 

Appendix A. 
Uplift on roof eave area = 177 psf 
Uplift on roof corner area (Ref. Fig. 4) = 347 psf 
Net uplift on portion of length not In roof corner area 

= 8x(177/1000) - 0.700 
= 0.716 K/ft 

Net uplift on portion of length within roof corner area 
= 8x(347/1000) - 0.700 = 2.08 K/ft 

The uplift at the supports of the roof panels of eave area is computed 
in Figure 36 (b). 
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Roof Girder 
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Roof girder acts as a continous beam over the interior colunn 
supports. The outer supports are provided by the colun^is at non-loadb
earing walls. 

Total length of the roof girder = 200 ft 
Span of the girder between supports = 40 ft 
Uplift between roof panels and roof girder (Ref. Fig. 36 a.) 

= 4.75 K/panel 
Uplift between roof panels of eave aera and roof girder (Ref. 
Fig. 36 b.) = 24.66 K 

Two roof panels are supported simultaneously along the length of the 
roof girder, since the roof panels runs in the middle of the roof 
(Ref. Figure 3). The roof panels are 8 ft in width. 

Dead wt. of the roof girder (Ref. Appendix A) = 0.825 K/ft 
Net uplift on portion of length not in the roof eave area 

= 4.75 x 2 X (1/8) - 0.825 
= 0.363 K/ft 

Net uplift on portion of the length within the roof eave area 
= 24.66 X 2 X (1/8) - 0.825 
=5.34 K/ft 

The uplift between roof girder and the column supports is computed 
in Figure 36 (c). 
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1.0 K/ft 

L12.8' 
^ ^ ^ • ^ T 

64 f t 

R. = Reaction at roof girder 
support (4.75 K) 

^̂ 8 = 

B 

Reaction at foadbearing 
wall support (13.70 K) 

(a). Uplift between Roof Panels and the Supports. 

2.08 K/ft 
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J 2 . 8 f t I 
« » 

64 f t 

R. = Reaction at roof girder 
*^ support = 24.66 K 

Rg = Reaction at loadbearing 
wall support = 38.62 K 

(b). Upl i f t between Roof Panels of Eave Area and the Supports. 

5J[i^K/ft 5.34 K/ft 

1 0.363 K/ft 
^ ^ j ^ ^ A^? ^3J 7T 
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40 f t > 
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ff 5^ 
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L 40 f t . 

R. = Reaction at column support 
at non-loadbearing wall 

= 58.75 K 

Rj, = 8.70 K Rg = 33.6 K 

(c). Uplift between Roof Girder and Column Supports. 

FIGURE 36. UPLIFT BETWEEN ROOF MEMBERS AND THEIR SUPPORTS. 
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